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Weak Shales of the Pennsylvanian period are frequently encountered at shallow depths in 
Illinois. Drilled shafts socketed in weak shales are increasingly used to support structural loads 
from bridges and other transportation structures because they are more economical compared to 
other deep foundation systems. The design of a drilled shaft requires the knowledge of both 
strength and compressibility parameters of the weak shales. However, in most cases, the 
weathered nature and fragility of the weak shales prohibit recovering undisturbed core samples 
for laboratory triaxial compression testing. As a result, in situ tests are required to quantify the 
compressive strength and compressibility of weak shales. 
In this study, the procedure for conducting the standard penetration test (SPT) was modified and 
calibrated to assess the in situ properties of weak shales for drilled shaft design. Correlations 
between the penetration rate in weak shales and the unconfined compressive strength and 
undrained modulus were then developed based on a subsurface investigation at twenty-one (21) 
weak shale sites throughout Illinois.   
 
Two (2) Osterberg load cell (O-cell) field tests on instrumented drilled shafts socketed into weak 
shales also were conducted during this study to investigate the load transfer mechanism in side 
and tip resistance and the magnitude of the mobilized resistances in weak shales. Modified 
standard penetration tests and shale coring were conducted at these two load test sites and other 
fourteen (14) full-scale load test sites in Missouri and Illinois to validate the penetration rate 
design correlations. In addition, two (2) databases of measured side and tip resistance of drilled 
shafts in weak shales, around the world, were collected from the literature and also utilized in 
this investigation. Finally, a numerical model was developed to investigate the factors 
influencing the axial behavior of drilled shafts in weak shales. The results of the numerical 
analysis, field load tests, and penetration rates in weak shales are used to develop a design 
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CHAPTER 1 INTRODUCTION 
 
1.1 PROBLEM STATEMENT  
Drilled shafts are being increasingly used in the United States for supporting 
superstructures subjected to large axial and/or lateral loads such as highway bridges and 
multi-story buildings.  According to DiMaggio (2004) drilled shafts were rarely used till the 
1980 and driven piles were used almost exclusively for supporting transportation structures, 
based purely on repeating previous practice. In 1997, the value of drilled shaft construction in 
the United States reached more than one billion US dollars (O’Neill, 1999).  Drilled shafts 
are constructed by excavating a circular hole, inspecting the soil or rock into which the shaft 
is constructed, placing reinforcing cage (if needed) and pouring concrete foundation within 
the hole.  They are typically from 0.5 to 2.0 m in diameter and can be over 100 m in length.  
Figure 1.1 shows a schematic diagram for typical drilled shaft foundation. Drilled shafts are 
also known as drilled piers, caissons, cast-in-drilled-hole piles, bored piles and by other 
names. The term used in this study, drilled shaft, is the term recommended by the 
international Association of Foundation Drilling (ADSC) (Wysockey. 1988).   
Drilled shafts possess great advantage when socketed into weak rocks or intermediate 
geomaterials (IGM) at the boundary between soil and rock such as clayey shales; because 
such geomaterials are relatively easy to excavate, boreholes are relatively stable and they can 
provide good resistance to both axial and lateral loads. (O’Neill et al. 1996). Other deep 
foundation alternatives such as driven piles are often more difficult to install and can easily 
get damaged during installation.  
Major projects can benefit from the results of full scale load tests on drilled shafts for 
satisfying requirements for both axial capacity and settlement. However, drilled shaft load 
tests may or may not be justified for smaller projects, including bridge pier construction or 
replacement, where the cost of load tests would be a significant percentage of the total cost of 
the project. As a result, Drilled shafts are traditionally designed using empirical prediction 
methods that were developed based on load tests in similar soils or rocks. Considerable 
research has been conducted to study the load transfer mechanism of drilled shaft in soils and 
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rocks but not in weak rocks such as clayey shales. Thus, side and tip load transfer 
mechanisms in weak shales are not well understood and is the motivation for this study. 
The geotechnical design of deep foundations in weak clay shales requires knowledge 
of the strength and compressibility properties of the foundation material.  Typical deep 
foundation design methods are based upon correlations with laboratory compression tests on 
intact rock core samples. For example, Stark et. al. (2013), Abu-Hejleh and Attwooll (2005), 
Hassan et. al. (1997) Kulhawy and Phoon (1993), among others, suggest utilizing the 
unconfined compressive strength of the intact rock to estimate drilled shaft side and tip 
resistance. However, the recovery of high quality core samples of weak clay shales for 
laboratory testing is often problematic. Therefore, developing practical procedures to 
estimate the strength and compressibility properties are needed. This study focuses primarily 
on weakshales with unconfined compressive strength between 0.5 MPa to 5.0 MPa. 
 
Figure 1.1 Schematic diagram for drilled shafts socketed into weak rock   
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1.2 RESEARCH OBJECTIVES 
The main objectives of this research are to: (1) investigate the factors influencing the 
axial response of drilled shaft socketed into weak Pennsylvanian shales, (2) develop new 
methods for characterizing weak  shales encountered at shallow depths of state of Illinois, (3) 
develop a new design method for prediction of the ultimate axial capacity of drilled shafts 
socketed into weak shales. To accomplish these objectives, the study involved the following six 
main tasks: 
Task 1: Evaluate current prediction methods for design of axially loaded drilled shafts 
socketed in weak shales 
 
Task 2: Calibrate the Modified Standard Penetration Test to be used in identifying the 
undrained strength and undrained Young’s Modulus of weak shales. 
 
Task 3: Supervise and interpret two full-scale instrumented drilled shaft load test in weak 
shale to investigate the axial response of drilled shafts and to measure the mobilized side and 
tip resistance. 
 
Task 4: Develop a numerical model for axially loaded drilled shafts in weak shale to 
investigate the factors influencing drilled shafts axial capacity. 
 
Task 5: Propose an Illinois specific design method for prediction of ultimate axial 
capacity of drilled shafts socketed into weak shale.  
1.3 SCOPE AND OUTLINE OF THIS STUDY 
This dissertation is divided into eleven chapters. Chapter 1 is the introduction and 
Chapter 2 presents a literature review of the design methodologies adopted by previous 
investigators for the axially loaded of drilled shafts socketed into weak rock . In the same 
chapter, previous numerical solutions for drilled shaft problem are discussed.  
4 
 Chapter 3 presents the geological aspects of weak Pennsylvanian shales that are 
important to drilled shaft design. 
 Chapter 4 presents a summary of the load test database for unit side and tip resistance 
of drilled shafts socketed into weak fine-grained rocks such as shales, mudstone, siltstones. 
 Chapter 5 evaluates statistically the different prediction methods for side and tip 
resistance of drilled shafts socketed into weak fine-grained rocks using the load test database 
compiled in Chapter 4. 
 Chapter 6 presents the modification applied to the Standard Penetration Test (SPT) to 
be used for estimation of the undrained compressive strength and undrained Young’s 
modulus of weak shale. A summary of the in situ and laboratory tests on weak shales are also 
presented in this chapter. Two design correlations are proposed to estimate the undrained 
compressive strength and undrained Young’s modulus using the modified standard 
penetration data. 
 Chapter 7 summarizes the results of the two full-scale field load tests conducted 
during this study on drilled shafts socketed into weak shales in Illinois. Details of the 
subsurface investigation, test shaft construction, O-cell testing arrangements, and testing 
results interpretations for the two load tests are also presented. 
 Chapter 8 summarizes the results of the finite elements analysis conducted to 
investigate the factors influencing drilled shaft axial behavior in weak shales. Among the 
factors studied are drilled shaft socket roughness, relative stiffness between the drilled shaft 
and weak rock, mechanical properties of the weak rock, socket length and socket diameter. 
The results of the two full-scale field load tests conducted during this study were also used to 
calibrate the FEM model for predicting drilled shaft capacity in weak shales 
 Chapter 9 presents an updated design method for drilled shafts socketed into weak 
shales based on the results of the load test database compiled in Chapter 3. Reliability based 
Resistance factors using Load and Resistance Factor Design approach are also proposed. 
 Finally, Chapter 10 presents the summary and conclusion of the research.      
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CHAPTER 2 LITERATURE REVIEW 
 
2.1 INTRODUCTION  
Rock-socketed drilled shaft foundations provide an effective and economical means 
of supporting large axial loads specially when weak rocks such as shales lies near ground 
surface. Loads applied to the drilled shaft are carried by the rock socket through a 
combination of both side resistance, which is the shear resistance developed along the rock-
shaft interface, and tip resistance. The geotechnical design of rock socketed drilled shafts, 
similar to other type of foundation systems, requires consideration of the serviceability and 
strength limit states.  Rock-socketed drilled shafts must be designed so that the anticipated 
rock socket axial resistance is higher than the factored design axial load. Design for 
serviceability limit requires estimation of the axial load settlement behavior of the drilled 
shaft under working load and making sure that the anticipated settlements are within the 
allowable limits.      
Design procedures available in the literature belong to two main schools of thoughts: 
(1) empirical design procedures mainly based on the results of full scale drilled shaft field 
load tests (2) theoretical design procedures based on laboratory and numerical modeling of 
rock-socketed drilled shafts. In this chapter, current understanding of the rock-socketed 
drilled shaft response under compression axial loads is summarized. Analysis methods for 
predicting rock-socketed drilled shafts ultimate axial capacity and the corresponding load 
settlement behavior are also reviewed.. It is important to highlight that most of the prediction 
methods available in the literature do not differentiate between weak rock and strong rock 
and they are not designed specifically for a certain rock type. Predictive methods that are 
designed specifically for shales is highlighted. 
2.2 AXIAL RESPONSE OF ROCK-SOCKETED DRILLED SHAFTS  
Axial compressive loads applied to the top of drilled shafts are transferred to the rock 
mass through (i) shear stresses at the concrete rock interface (i.e. side resistance) (ii) vertical 
stresses at the base of the shaft (tip resistance). The distribution of the load between tip and 
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side resistance is a function of socket geometry, concrete-rock interface roughness, relative 
stiffness between the concrete shaft and the surrounding rock mass, and drilled shaft tip 
movement (Carter and Kulhawy 1988). Peak side resistance is typically mobilized in weak 
shales at displacements in the range of 1 % of the drilled shaft diameter, whereas peak tip 
resistance is mobilized at much higher displacement, typically displacements higher than 5% 
of the drilled shaft diameter. Rational design methods for weak shale socketed drilled shafts 
require determination of the ultimate carrying capacity for both side and tip resistance and 
the anticipated load settlement response of the drilled shaft.  
Figure 2.1 shows a typical axial load settlement response of a rock- socketed drilled 
shaft. Upon initial loading, shear stresses are developed along the drilled shaft interface and 
the drilled shaft behaves essentially as a linear elastic material (Line OA in figure 2.1). As 
the load increases, the shear strength along some parts of the shaft sidewall is exceeded, 
initiating rupture of the “bond” and relative slip at the shaft–rock interface. The load-
displacement curve becomes nonlinear as slip progress and a greater proportion of the 
applied load is transferred to the base (line AB). At certain stage, the full side resistance is 
mobilized, and there is slip along the entire surface (“full slip” condition), and a greater 
proportion of the applied load is transferred to the shaft base. However, before reaching the 
full slip condition (point B), most of the applied load is carried by side resistance and the tip 
resistance usually accounts for less than 10 percent of the mobilized axial capacity. If loading 
continues to a displacement high enough to cause failure of the rock mass beneath the drilled 




Figure 2.1 Typical load displacement behavior of rock-socketed drilled shafts. (After Turner 
2006) 
2.3 ROCK-SOCKETED DRILLED SHAFT DESIGN 
Early design procedures for rock-socketed drilled shafts used to assume that the entire 
load is carried only by tip resistance and the side resistance was neglected, 
e.g. Chapman 1929, William et. al 1980 and, Collingwood 2000. The contribution of the side 
resistance to the overall axial ultimate capacity of rock socketed drilled shafts was only 
introduced starting in mid-1960’s (e.g. Thorburn et al. 1966, Terzaghi and Peck 1967). 
Starting this time, great amount of research was conducted to understand the load transfer 
mechanisms in side and tip resistance. Whitaker and Cooke (1966) was one of the early 
investigators that recognized that the peak side resistance is mobilized much earlier than tip 
resistance. They also recognized that the side resistance usually accounts for a large 
percentage of mobilized axial capacity of drilled shafts socketed into rock. For this reason, 
among others, most of the design methods that were introduced afterwards neglects the tip 
resistance, as opposed to accounting for both side and tip resistance. In the following 
sections, empirical and theoretical design procedures for side and tip resistance are reviewed 
consequently. 
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2.3.1 SIDE RESISTANCE PREDICTION METHODS 
(a) Empirical Design Procedures  
The load transfer mechanism of rock-socketed drilled shafts in side shear is 
influenced by several factors. These include the shaft roughness, strength and compressibility 
of the surrounding rock mass, initial stresses in the ground and geometry of the drilled shaft. 
The following empirical methods have been largely developed based on the results of full-
scale field load tests in different rock formations. For each design method, the type of rock, 
the drilled shaft geometry, and the proposed design method are discussed. 
Rosenberg and Journeaux (1976) 
Rosenberg and Journeaux’s method is one of the earliest predictions of side resistance 
for rock-socketed drilled shafts (Kulhawy et al. 2005). Rosenberg and Journeaux (1976) 
conducted two field load tests on two test shafts socketed into rock. The first test is a top-
down load test conducted on 0.45 m in diameter test shaft socketed 0.56 m into highly 
fractured Andesite with unconfined compressive strength of 10.3 MPa. The second test is a 
pullout test on a 0.2 m in diameter test shaft socketed 0.9 m in shale with unconfined 
compressive strength of 20.7 MPa. Rosenberg and Journeaux (1976) correlated their test 
shaft results with the tests conducted by Moore (1964), Matich and Kozicki (1967), Thorburn 
(1966), Seychuck (1970), Gibson (1973), and Jackson et al. (1974) in shales and sandstones 
in Canada (Miller 2003) and proposed the following design correlation for the maximum unit 
side resistance (fsmax)  
 




Horvath and Kenny (1979) 
Horvath and Kenny (1979) proposed a method to evaluate the maximum side 
resistance based on the results of field load tests. The database included small and large scale 
drilled shafts field load tests, rock anchors, and small scale shafts casted and tested in the 
laboratory. Horvath and Kenny reported 87 field load tests on rock socketed test shafts, 75 of 
them are in sedimentary rock (with 50 tests in the shale family) (Kulhawy et. al 2005). 
Horvath and Kenny (1979) recommend     
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Where   is an adhesion factor that is in the range of 0.2 for rock sockets with diameters 
greater the 0.4 m and fsmax and qu are given in MPa. Horvath et al. (1983) subsequently 
addressed the effect of rock socket roughness on the mobilized unit side resistance. They 
conducted full-scale field load tests on a number of drilled shafts with different roughness 
conditions. These shafts were 0.71 m in diameter and were socketed 1.37 m into weathered 
Queenstone shale of unconfined compressive strength in the range of 6.0 MPa.  Figure 2.2 
shows the rock socket profiles reported by the investigators. Shaft P1 was drilled normally 
and left ungrooved (i.e. no artificial roughening was conducted). The side walls for shaft P3 
was roughened using specially made grooving tool, and shaft P6 was roughened using cutting 
teeth attached to the auger. The results of the load tests of the 3 shafts showed that the 
artificially roughened sockets yielded at least 30% increase in side resistance. Horvath hence 
proposed a modification to   in e uation  .  to account for the roughness of the shaft based 
on the geometry of the grooves as shown in Figure 2.3 Horvath et al (1983) recommend  











RF  = Roughness Factor  
 r
r




  = ratio between the total distance along rock interfaces and the nominal 




Figure 2.2 socket Roughness profiles of Horvath et al. (1983) 
 
Figure 2.3 schematic of the rough rock socket parameters as defined by Horvath et al. (1983)   
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Turner et al. (1993) also investigated the effect of socket roughness on the mobilized 
side resistance. They reported an increase in shaft resistance in artificially roughened rock 
sockets in weathered shales, of four to five times that of normally drilled sockets. On the 
other side, Williams and Pells (1981) observed no significant increase in side shear resistance 
for artificially roughened drilled shafts.   In an attempt to evaluate the effect of the roughness 
of rock sockets on the mobilized side resistance several investigators measured the rock 
socket roughness profiles using mechanical calipers (e.g. Horvath et al. 1983, Baycan 1996, 
and O’Neill et al.199 ). More accurate electronic calipers are also used to measure the 
roughness profiles such as the laser borehole roughness profiler developed in the University 
of Houston (Nam 2004).  
Meigh and Wolski (1979) 
Meigh and Wolski (1979) reviewed the correlations proposed by Rosenberg and 
Journeaux (1976) and Horvath and Kenny (1979) and compared them with the results of 13 
field load test socketed in rock. Kulhawy et al. (2005) reported that the load database used in 
their comparison contained a lot of uncertain data. The unconfined compressive strength of 
intact specimens used in Meigh and Wolski (1979) study ranged from 0.2 to 20 MPa. They 
recommend the following correlation for rock with unconfined compressive strength between 
0.7 and 12.7 MPa. 




For weak rocks with unconfined compressive strength range of 0.4 to 0.7 MPa 
 fsmax   0.   u
 
(2.5) 
Reynolds and Kaderabek (1980) 
Reynolds and Kaderabek (1980) studied the bearing capacity of shallow foundations 
in soft Florida limestone. Reynolds and Kaderabek (1980) suggest that an additional capacity 
can be achieved if the shear load transfer along the interface of the shallow foundation and 
adjacent rock is considered. The authors studied number of load tests of shallow foundations 
embedded into limestone in an attempt to study the amount of load transfer in side resistance.  
The authors reported a median unconfined compressive strength of 1.5 MPa for the 688 load 
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tests considered in their study. Reynolds and Kaderabek (1980) propose that the maximum 
unit side resistance that can be mobilized along the shallow foundation interface can be 
estimated by the following equation. 
fsmax   0. 0 u
 
(2.6) 
    
Gupton and Logan (1980) 
Gupton and Logan (1980) propose an estimate for the unit side resistance based 
upon their experience in Florida limestone. They recommend the following equation 
fsmax   0. 0 u
 
( 2.7) 
Williams et al (1980) 
Williams et al. (1980) developed a semi-empirical design method based on the results 
of full-scale field load tests of drilled shafts socketed in Melbourne Silurian mudstone in 
Victoria, Australia, and upon elastic solutions for load distribution in axially loaded rock 
socketed drilled shafts. The proposed design method is based on both strength and settlement 
criteria. The method allows for the design of socketed drilled shafts to carry structural loads 
through side resistance or tip resistance only or by consideration of the two components. The 
load settlement response for each case are predicted through the concept of normalized 
elastic and nonlinear plastic components of side shear resistance. The design method uses the 
elastic solution of an axially loaded drilled shaft on semi-infinite space to estimate the total 









Where Em is the average rock mass modulus along the drilled shaft, D is the rock socket 
diameter, and I is an elastic settlement influence factor, given in Figure 2.4, based on the rock 
socket embedment ratio and relative stiffness between the drilled shaft concrete (Ec) and rock 
mass (Em). The percentage of total load carried by tip resistance (Qbe) is then estimated using 
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Figure 2.5, based on elastic solution of load distribution. The portion of the total load carried 
by side resistance (Qse) is hence determined by subtracting the total elastic load from the tip 
resistance component. The elastic unit side resistance is then determined as  
fe   
 
se




Figure 2.4 Elastic settlement influence factor as a function of embedment ratio and relative 




Figure 2.5 Elastic load distribution as a function of embedment ratio and relative stiffness 
between the drilled shaft concrete (Ec) and rock mass (Em) (After Williams et. al 1980) 
Williams et. al (1980) propose that the maximum unit side resistance (fsmax) can be estimated 
as  




In  hich   is side resistance reduction factor reflecting variation of rock strength and can be 
obtained from Figure  .6, and   is an adjustment factor to account for seams of softer 
material in the rock and given in Figure 2.7 where Em is the rock mass Young’s modulus 
including the effect of the soft seams and Ei is the intact strength Young’s modulus obtained 
from testing of the rock cores. The rock mass modulus ratio (j) in Figure 2.7 can be estimated 
from the inspection of the high-quality rock cores as  
  
  









In which Lc is the rock core length, Es is the estimated Young's modulus of the material in the 
seams, ts is the thickness of each seam, and ti is the thickness of intact segments of the rock.  
 
Figure 2.6 Side resistance reduction factor reflecting variation of rock strength along the test 
shaft (Williams et al. 1980) 
 




The load settlement response can then be predicted using the normalized curves given 
in Figure 2.8 which was developed based on the results of full-scale load tests. The factor fsp  
shown in that figure is the loss of unit side resistance that occurs due to plastic yielding and is 
defined in Figure 2.9. The factor fse is the peak side resistance that would be achieved if the 
socket behaves purely as an elastic material.     
 
 
Figure 2.8 Normalized design curves for side resistance (After Williams et al. 1980) 
 
Figure 2.9 Normalization principle for side resistance (After Williams et. al 1980)  
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Rowe and Armitage. (1987) 
Rowe and Armitage (1987) developed a comprehensive design procedure for axially 
loaded drilled shafts in rock. The method assumes the shaft tip is in direct contact with sound 
rock (i.e. no soft materials or debris impairs this contact).  The Rowe and Armitage (1987) 
method also assumes that the sides of the rock socket clear of any contaminations (e.g. mud 
cake, rock smear) and the side of the shaft is in either a natural state or artificially roughened. 
The proposed method is designed for weak fine-grained rocks such as clay shales for 
predicting both tip and side resistance and for evaluating the expected settlement (O’Neill et 
al. 1996).  
In a previous paper, Rowe and Armitage (1984), have correlated the socket side 
resistance and rock mass modulus measured from large number of field load tests with the 
unconfined compressive strength for weak rock formations in which the socket was founded. 
The database that they compiled includes 200 field load tests. The 
Rowe and Armitage (1984) correlations for side resistance are based on a shaft roughness 
conditions as defined by Pells et al.(1980) (see Table 2.1.). For roughness classes R1, R2, and 
R3 (Grooves more than 10 mm deep) , they recommend: 
 fsmax   0.    
   
 
(2.12) 
For rock socketed with wall roughness classification of R4 (Grooves more than 10 
mm deep) 
 fsmax   0.6  
   
 
(2.13) 
 Rowe and Armitage (1984) also developed a correlation to estimate the rock mass 
modulus for rocks where there were no open discontinuities or soft seams at the zone of 
influence of the socket, they recommend   
Em    1    
   
 
(2.13) 
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Table 2.1. Roughness classification (after Pells et al. 1980) 
Roughness Class Description 
R1 Straight, smooth-sided socket, grooves or indentations 
less than 1.00 mm deep 
R2 Grooves of depth 1 - 4 mm, width greater than 2 mm,at 
spacing 50-200 mm 
R3 Grooves of depth 4- 10 mm, width greater than 5 mm at 
spacing 50-200 mm 
R4 Grooves or undulations of depth greater than 10 mm, 
width greater than 10 mm, at spacing 50-200 mm 
More importantly,  Rowe and Armitage (1987) outlined a simplified procedure to 
estimate the load settlement response of rock sockets before and after full slip has developed 
along the drilled shaft. The solution is based on the results of elasto-plastic axisymmetric 
finite element analysis. The procedure is more or less similar to what Williams et al (1980) 
proposed, in the sense of selecting a targeted settlement and estimating the load distribution 
between the side and tip resistance accordingly. However,  the Rowe and Armitage (1987) 
design procedure main advantage is that it allows evaluating the load distribution between 
the side and tip resistance after full slippage occurs.    
Kulhawy and Phoon  (1993) 
Kulhawy and Phoon (1993) collected a large number of drilled shaft load tests in soils 
and rocks. Their database included 127 load tests in soils and 114 load tests in rock covering 
a wide range of geomaterial. The rock socket database included that of Rowe and Armitage 
(1984) and supplemented with the database developed for Florida limestone by Bloomquist 
and Townsend (1991) and McVay et al. (1992). Rock types included in their database are 
shale, mudstone, sandstone, limestone, and marl.  They presented their data both for 
individual test shafts and as a site averaged data. Figure 2.10 and Figure 2.11 show the 
results for the t o datasets in terms of adhesion factor,  c versus normalized undrained shear 
strength (Su/Pa ). It should be noted that Kulhawy and Phoon defined their adhesion factor in 
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terms of the undrained shear strength, rather than the unconfined compressive strength, 
 here  c  equals to fmax/Su .   
 
Figure 2.10 Adhesion factor  c (= fmax/Su) versus normalized shear strength for site-averaged 
data (after Kulhawy & Phoon, 1993). 
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Figure 2.11 Adhesion factor  c (= fmax/Su) versus normalized shear strength for individual test 
data (after Kulhawy & Phoon, 1993). 
  
Based on the results of site-averaged database, Kulhawy and Phoon (1993) propose the 
following equation to estimate the maximum unit side resistance. 
(
     
  







 Where, pa is the atmospheric pressure and   is a rock socket roughness factor  
   = 3 for artificially roughened rock sockets, 
   = 2 for normal drilling conditions, and 
   = 1 for conditions that produce smooth sockets or smeared sockets. 
 
 It is important to note that the great variability in adhesion factors shown in Figure 
2.11 is mainly due to the wide range of rock mass strength and rock types considered in this 
study and also due to the incapability of the uniaxial compressive strength test in accurately 
measuring the undrained shear strength of brittle geomaterial (i.e. rocks).  
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Toh et al. (1988) 
Toh et al.(1989) studied drilled shaft axial behavior socketed in weathered 
sedimentary rock in Malaysia. Their prediction method is based on their observation and 
results of nine load tests socketed in Kenny Hill formation in Malaysia (one instrumented 
micropile and eight fully instrumented drilled shafts). Their database was further 
supplemented and examined with data from load tests reported by Meigh and Wolski (1979). 
The database included rock sockets in shale, mudstones, sandstones, and siltstones with a 
range of unconfined compressive strength between 0.4 and 2.4 MPa. The authors also 
conducted/collected Standard Penetration Tests  (SPT) at these formation and proposed a 
direct correlation between the ultimate side resistance and the SPT-blowcount (N)   
Toh et al. (1989) recommend the following expressions for evaluating the maximum unit side 
resistance,  
    
       m u
 
( 2.15a) 
       ksN ( 2.15b) 
Where m  is an adhesion factor and ks is a shaft resistance factor that can be deduced from 
Figure 2.12, reproduced from Toh et al. (1989)  
 
Figure 2.12 Design method for prediction of unit side resistance (after Toh et al. 1989). 
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Miller (2003) 
Miller (2003) conducted four full scale load tests on drilled shafts socketed into 
Missouri Pennsylvanian Age shale using Osterberg-load cell testing procedure. The main 
objective of his study was to evaluate the maximum unit side resistance that can mobilized in 
that geologic formation. The four tests reported in this study were 1.2 to 1.8m in diameter 
and with socket lengths between 12.3 and 20.3 m. Miller (2003), reviewed a number of 
prediction methods available in the literature including Horvath and Kenney (1979), Rowe 
and Armitage (1987), Reese and O’Neill (1988), Kulha y and Phoon (199 ), and O’Neill 
and Reese (1999). The results of the four O-cell tests were then used to evaluate the accuracy 
of the prediction design methods in estimating the maximum unit side resistance. The results 
of his analysis show that Rowe and Armitage (1987) most closely predict the unit side 
resistance, however it slightly overpredicts the capacity in some cases. Miller (2003) slightly 
modified the Rowe and Armitage (1987) to produce more conservative values for unit side 
resistance in Missouri shales. Miller (2003) propose  
fsmax   0.    
   
 
(2.16) 
Kulhawy et al. (2005) 
Kulhawy et al (2005) studied the different prediction methods available in the 
literature (e.g., Rosenberg and Journeaux 1976; Horvath,1978; Meigh and Wolski 1979; 
Williams et al. 1980; Ro e and Armitage 198 ; Carter and Kulha y 1988; Reese and O’Neil 
1988; Kulhawy and Phoon 1993).  Similar to other empirical correlations Kulhawy et al. 
(2005) propose a design correlation based on the database collected by Prakoso (2002).  
Kulhawy et al. (2005) recommend the following correlation equation for prediction of 
maximum unit side resistance of normal rock socketed drilled shafts: 
(











Furthermore, Kulhawy et al. (2005) propose the following expression as a lower bound to 




     
  









Abu-Hejleh and Attwooll (2005) 
Abu-Hejleh and Attwooll (2005) propose a design method based on results of a 
number of full scale field load test using O-cell static load tests, laboratory tests, and SPT 
tests that were conducted in Colorado. Abu-Hejleh and Attwooll (2005) recommend the 
following correlations for soft claystone bedrock shale that has an SPT N-value of 20 to 100 
bpf and unconfined compressive strength of less than 1.1 MPa: 
fsmax(kPa)    .6NSPT   0. 1 u (kPa)
 
(2.17) 
Abu-Hejleh and Attwooll (2005) further recommend the following correlation for 
very hard sandy claystone bedrock shale with an SPT N-value of more than 120 bpf and 
unconfined compressive strength of less than 5.0 MPa. 
     [   ]            [   ] 
   
 
(2.18) 
(b) Theoretical Design Procedures  
Theoretical approaches for predicting the axial capacity in side resistance of drilled 
shafts in rock have been proposed by a number of investigators (e.g. Carter and Kulhawy, 
1988; McVay et al. 1992; Kodikara 1992; Seidel 1993, and Hassan and O’Neill 1997).  
Generally, these approaches attempt to model the physical process of load transfer from the 
drilled shaft to surrounding rock by taking into account the interface roughness, rock mass 
stiffness, drained parameters for rock, and the initial effective vertical stress. The following 
section describes these methods in more details   
Carter and Kulhawy. (1988) 
Carter and Kulhawy (1988) provided an analytical closed form solution for the load 
settlement behavior of rock socketed drilled shafts. The solution is based on the results of 
numerical analysis of slip for an idealized concrete-rock interface the is comprised of regular 
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triangular asperities (Collingwood 2000). The proposed numerical model incorporates 
fundamental rock strength and stiffness properties, socket geometry, and dilation angle of 
concrete rock interface. Carter and Kulhawy (1988) also proposed a method to predict the 
maximum mobilized unit side resistance. Similar to other empirical methods, Carter and 
Kulhawy back-calculated the adhesion factor based on the analysis of 25 axial load tests on 
full-scale drilled shafts. Their load test database includes compression tests on shear sockets, 
where the tip resistance was comprised and uplift tests. Rock types included in this study are 
mudstones, shale, chalk, siltstone, sandstone, and limestones.   Figure 2.13 shows the 
measured maximum unit side resistance versus the average unconfined compressive strength 
of rock. 
 
Figure 2.13 Relationship between maximum unit side resistance and Unconfined 
Compressive Strength of rock 
Carter and Kulhawy (1988) propose the following expression as lower bound for 
evaluating the maximum unit side resistance in rock socketed shafts 
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and the following expression as a best fit to their data shown in Figure 2.13 
(
     
  








McVay et al (1992) 
McVay et al (1992) investigated the maximum unit side resistance at the shaft-rock 
interface specifically for Florida limestone. The authors performed a parametric finite 
element analysis using a simple elasto-plastic bilinear model to characterize the rock. Failure 
of the rock was described through a Mohr-Coulomb strength envelope. Based on their 
numerical analysis McVay et al. (1992) propose that the maximum unit side resistance is 
approximately equal to the cohesion intercept of the rock. The authors utilize both the 
uniaxial compressive and split tensile tests to evaluate the cohesion intercept. The authors 
propose the following correlation to estimate the maximum unit side resistance 
fsmax   0.    
       
   
 
(2.16) 
Where qt is the splitting tensile strength of the rock and fsmax, qu and qt are given in tsf. 
McVay et. al (1992) evaluated their prediction method using the results of 53 pullout test and 
7 load tests at 14 different sites in Florida   
Monash Micro-Mechanical Model (Collingwood 2000) 
Significant amount of research has been conducted at Monash University, Australia 
since late 1970s in an attempt to develop a mechanical model that reflects the side resistance 
load transfer mechanisms of shafts socketed into rock.  This model is known as the Monash 
micro-mechanical model. The model is based on contributions by a number of investigators 
(e.g. Williams, 1980; Lam 1983, Haberfield, 1987; Johnston and Lam, 1989, Kodikara 1989; 
Mak 1992, Seidel 1993, and Collingwood 2000). The proposed model is based mainly on 
laboratory investigation of rock-concrete interface strength in a constant normal-stiffness 
direct shear machine (Johnston et al. 1993; Seidel 1993; and Seidel and Haberfield 1994). 
The model incorporates a number of parameters including, initial effective normal stress, 
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drained strength parameters of intact rock, residual friction angle, drilled shaft diameter, rock 
mass stiffness, and socket roughness.  The model is designed to predict the full load 
displacement (t-z) curves. This model is however suitable for weak rocks with relatively high 
elastic modulus and triangular interface asperities. 
 A key principle of their approach is the simulation of the dilation of the concrete-
rock interface by a constant normal stiffness condition (Seidel and Haberfield 1995). Figure 
2.14 shows a schematic representation of the model. Prior to loading the drilled shaft is in 
immediate contract with the surrounding rock. upon application of the axial load, elastic 
deformation of shaft-rock interface will develop without any slippage of the shaft relative to 
the rock. As the axial load increases, slippage along the interface occurs which is 
accompanied by dilation or radial enlargement as shown in Figure 2.14b. The radial 
enlargement will result in increase in normal stress at the rock-shaft interface. The increase in 
normal stress is hence controlled by the radial stiffness of the surrounding rock which is 
assumed to be constant. This constant normal stiffness (CNS) is given by    
ks   
  
          
 
(2.17) 
where Em is the rock mass modulus, μm is the Poisson’s ratio, and rs is the drilled shaft radius. 
With this understanding of the physical process of sliding along rock asperities, the 
accompanied increase in effective normal stresses (Dσ), for a given interface dilation (Drs) is 
described as 
   ks     
      
          
 
(2.18) 
All the parameters in the above equation can be readily estimated, except for the 
interface dilation (Drs)which requires an estimate for rock socket roughness, which in most 
of the cases is not a trivial matter. 
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Figure 2.14 Schematic representation of the physical process of development of side shear 
resistance for rock socketed shafts (after Johnston and Lam 1989) 
The interface roughness in this theoretical method is idealized by a series of chords 
with a constant La and asperity height of Drs
 
. The shear stress, fs, at which slip is initiated on 
these idealized asperities is a function of the drained shear strength parameters at the 
concrete/rock interface, asperity inclination, i, and the normal effective stress, which is given 
by 
fs σ ntan(     )
 
(2.19) 
 Seidel and Collingwood (2001) introduced a design factor to reflect the influence of 
the shaft roughness and other factors on the shaft side resistance, this factor is in known as 
the Shaft Resistance Coefficient (SRC) and is based on the previously described mirco-
mechanical model,  










where  c is a construction method modification factor, n is the ratio of the rock mass 
modulus to the unconfined compressive strength of rock, hm is the mean roughness height 
and D is shaft diameter. Seidel and Collingwood (2001) have created shaft resistance design 
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charts as shown in Figure 2.15 to allow estimation of the drilled shaft side resistance. These 
charts are based on the results of a parametric study using a software called ROCKET.  
 
Figure 2.15 Adhesion factor versus unconfined compressive strength for different SRC 
profiles 
Hassan and O’Neill (1997) 
Hassan and O’Neill (1997) proposed a design method for predicting the load 
settlement response of drilled shafts socketed into argillaceous intermediate geomaterials that 
are not prone to smearing when drilled (overconsolidated clays and clay shales, saprolites 
and mudstones). Hassan and O’Neill (1997) defined argillaceous intermediate geomaterials 
in their study as geomaterials with unconfined compressive strength between 0.5 and 5.0 
MPa.   The design method is based on the results of a parametric study using elastic-plastic 
finite element models for axially loaded drilled shafts. They provide two boundary solutions, 
in relation to the socket roughness. The first is a smooth case where the interface is 
considered to be perfectly straight and the second is a rough case where the interface is 
modeled explicitly assuming a sinusoidal interface.  Their methods incorporate rock strength, 
stiffness, concrete pressure in the socket and the friction angle for sliding at the concrete-rock 
interface (фrc). The authors suggests that the sliding frictional angle (фrc) between the shaft 
and the clay shale rock is in the range of 30 degrees at effective normal stresses less than 400 
kPa. Hassan and O’Neill (1997) recommend that shafts to be designed as smooth sockets 
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unless artificially roughened. They recommend the following equation as an estimate for the 
maximum unit side resistance  
fmaxs      
 
(2.19) 
 here   is an adhesion factor that is estimated from Figure 2.16 , and   is factor to account 
for the presence of open joints (see table 2.1) 
 





Table 2.2 Adjustment factor for soft seams and joints (after Hassan and O’Neill, 1997) 
 φ 
RQD Closed Joints Open or gouges filled joints 
100 1.0 0.85 
70 0.85 0.55 
50 0.60 0.55 
30 0.5 0.5 
20 0.45 0.45 
 
2.3.2 TIP RESISTANCE PREDICTION METHODS 
Load transferred to the tip of the shaft as a faction of the load applied to the head of 
the shaft can vary significantly over the range of loading and shaft conditions (Turner 2006). 
Full-scale field load tests and elastic solutions show that load transferred to the tip of the 
shaft is a function of the drilled shaft geometry (i.e. embedment ratio “L/D”) and the stiffness 
of the rock mass at the tip of the shafts. (Pells and Turner 1979). Carter and Kulhawy 1988 
suggest that at typical working load, only 10 to 20 percent of the applied load is transferred to 
the tip of the shaft. Furthermore, relatively large vertical displacements are needed for the tip 
resistance to be fully mobilized. Poor constructions practices can also lead to accumulation of 
soft materials/debris at the tip of the shafts which will decrease the contribution of the tip 
resistance. For these reasons, number of design procedures recommends neglecting the tip 
resistance contribution to the total capacity which often leads to overdesigned shafts. On the 
other hand, the results of full scale field load tests of rock socketed drilled shafts, compiled 
by Crapps and Schmertmann (2002), show that tip resistance represents a significant 
contribution to the overall shaft capacity at vertical displacements corresponding to typical 
service loads. Figure 2.17 shows the tip resistance contribution to the overall shaft capacity 
interpreted from the Crapps and Schmertmann (2002) load test database for different socket 
length to diameter ratios. Crapps and Shmertmann (2002) show that for a typical socket 
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length to diameter ratio of 3, a significant portion of the total applied load (35% on average) 
is transmitted to the tip of the shaft. Therefore, accounting for the tip resistance in the design 
is recommended when appropriate construction and inspection techniques are available to 
ensure the drilled shaft base conditions.   
 
Figure 2.17 Tip resistance contribution interpreted from full scale field load tests (from 
Turner 2004) 
Tip Resistance Failure Modes  
Ultimate tip resistance that can be mobilized for rock socketed drilled shaft depends 
largely on the mode of failure of the rock mass under vertical loads which hence depends on 
the rock mass joints spacing in relation to the drilled shaft diameter, joints orientation and 
condition (i.e. rough or slicken sided, opened or closed) (Zhang 2004). Figure 2.18 
summarizes the typical tip resistance failure modes for different joint orientations, spacing 
and condition.  The presence of joints in the rock mass tends to decrease the ultimate tip 
resistance. Closely spaced continuous tight joints may not decrease the tip resistance much 
below the massive rock mass. On the other hand, when there are open vertical joints with 
spacing less than the shaft diameter, the load is essentially supported by an unconfined rock 
column (Poulos & Davis, 1980). When the joint spacing is wider than the shaft diameter, 
Meyerhof (1951) hypothesizes that the crushed zone beneath the shaft splits the block of rock 
formed by the joints.  
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Tip resistance failure modes in Figure 2.18 are for foundations that are not deeply 
socketed into rock. Embedment depth of rock socketed drilled shaft may change the 
anticipated mode of failure.  Figure 2.19 shows a comparison of the anticipated tip resistance 
modes of failure for shallow and deep foundation in rock. When the tip of the foundation is 
near or at the ground surface, a wedge type of failure similar to that of shallow foundations in 
soils is depicted. For deep socketed shafts (i.e. embedment depth greater than twice the shaft 
diameter), a punching type of failure is formed (see figure 2.19b) and a truncated conical 
plug of fractured rock is formed below the base (Williams et al., 1980). Johnston and Choi 
(1985) suggest that the failure starts from initial radial cracking to a fan shaped wedge. (see 
figure 2.20). Johnston and Choi (1985) related the progressive failure observations to the 
measured load displacement curve where 4 stages are identified as: 1) at the end of elastic 
deformation; 2) before yielding; 3) just after yielding; and 4) tip resistance failure. 
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Figure 2.18 Tip Resistance failure modes for different discontinuity spacing, orientation and 
condition (after Kulhawy and Goodman, 1980). 
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Figure 2.19 Typical failure mechanism for tip resistance shafts: (a) tip of shaft bearing at 





Figure 2.20 Development of failure through crack propagation of rock-socketed drilled 
shafts: (a) Typical load-displacement curve; and (b) Failure modes corresponding to different 
stages of loading in (a) (after Johnston & Choi, 1985). 
(a) Theoretical Design Procedures  
Pells (1977) has classified the tip resistance theoretical design procedures into three 
main categories: 
1) Design procedures that assumes rock failure to be plastic and use soil 
mechanics bearing capacity theory to estimate the ultimate tip resistance. 
2) Design procedures which idealize the zone of failure beneath the tip in a form 
that takes into account either the brittleness strength ratio or the brittleness 
modulus. 
3) Design procedures based on limiting the maximum stress beneath the loaded 
area to a value less than required to initiate fracture. These methods assume 
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essentially that once the maximum strength is exceeded at any point in a 
brittle material, total collapse will occur. 
 
Poulos & Davis (1980) evaluated several theoretical design procedures by comparing 
their estimates to measured ultimate tip resistance from drilled shaft load tests. Poulos & 
Davis (1980) show that there is a wide variation in the tip resistance predicted from different 
design procedures. For example, the predicted tip resistance of rock with an internal friction 
angle ф’ = 45° ranges from (incipient failure theory based on the modified Griffith theory) to 
56qu (classical plasticity theory), where qu is the unconfined compressive strength of intact 
rock (Zhang 2004).  Because of the wide variation of theoretical results and their inadequacy 
to predict tip resistance capacity, empirical prediction methods have been developed which 
are mainly based on results of load testing programs in rock. Detailed review for the 
theoretical methods is available in Pells and Turner (1980) and Couetdic and Barron (1975) 
(b) Empirical Design Procedures  
Several empirical correlations have been developed to estimate the ultimate and 
allowable tip resistance capacity of drilled shafts socketed into rock. Peck et al. (1974) 
proposed an empirical correlation between the allowable tip resistance and RQD for 
foundations supported on jointed rock where rock joints are tightly closed (see Figure 2.21). 
Peck et. al (1974) recommends that allowable tip resistance to not exceed the unconfined 
compressive strength of the intact rock.  Specifications for Highway Bridges adopted by the 
American Association of State Highway and Transportation Officials (AASHTO, 1989) 
provide tentative allowable tip resistance that can be used for preliminary designs of rock 
socketed drilled shafts. 
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Figure 2.21 Allowable tip resistance of foundation resting on rock (after Peck et al., 1974) 
Several empirical correlations are also proposed that relates the ultimate unit tip 
resistance to the unconfined compressive strength. In the following section, empirical design 
procedures available in the literature are reviewed. 
Teng (1962) 
Teng (1962) proposed a very conservative empirical correlation, based on the 
results of unconfined compressive strength, to estimate the allowable unit tip resistance of 
drilled shafts in rock. The proposed correlation is based solely on the author’s experience 
with drilled shafts. Teng (1962) proposed the following design correlation for the allowable 
unit tip resistance (qta):          
      0.1   to 0.    
 
(2.20) 
Assuming a factor of safety of 3.0 in the above equation, the proposed correlation can 
be modified to estimate the ultimate unit tip resistance (qtu):  






Similar to Teng (1962), Coates (1967) proposed a correlation between the ultimate 
unit tip resistance and the unconfined compressive strength of rock beneath the tip of the 
shaft. The empirical correlation based on Griffth’s strength theory. Coates (1967) assumes 
that failure initiate along microscopic cracks originally present in the rock (Stark et. al 2013). 
Coates (1967) propose the following equation to estimate the ultimate unit tip resistance:   
          
 
(2.22) 
Kulhawy and Goodman  (1980) 
Kulhawy and Goodman (1980) proposed a method to estimate the ultimate unit tip 
resistance for foundations supported on jointed rock mass, specifically for the cases when the 
joint spacing (S) is greater than the socket diameter. This problem was first evaluated by 
Bishnoi (1968) and developed further by Kulhawy and Goodman (1980). The proposed 
correlation for ultimate unit tip resistance is: 
 
      J c    
 
(2.23) 
where J = a correction factor that depends on the ratio of horizontal joints spacing to socket 
diameter (H/D) as shown in Figure 2.22, c = rock mass cohesion and can be approximated as 
0.1qu according to Carter and Kulhawy (1992) recommendations, and Ncr = a bearing 
capacity factor given in Figure 2.23 
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Figure 2.22 Correction factor for discontinuity spacing (after Kulhawy & Goodman, 1980) 
 
Figure 2.23 Bearing capacity factor for open discontinuities (after Kulhawy & Goodman, 
1980). 
Rowe and Armitage (1987) 
Rowe and Armitage (1987) reviewed the results of full scale load tests of tip 
resistance only drilled shafts reported by Williams (1980), Horvath (1980). And Glos and 
Briggs (1983). The reviewed test shafts are with diameters of 0.3m or greater and are all 
socketed into weak rocks (i.e. shales and mudstones). In all the reported load tests the load 
carried by the shaft in tip resistance was still increasing when the tests were terminated. 
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Rowe and Armitage (1987) propose the following equation to estimate the ultimate unit tip 
resistance: 
       .    
 
(2.23) 
The proposed correlation is developed for weak rocks with unconfined compressive 
strength less than 30 MPa where (1) the tip of the shaft is socketed is at least one below the 
competent rock, (2) the rock to a depth of at least one diameter of the shaft beneath the tip of 
the shaft is either intact or tightly jointed (3) There are no solution cavities or voids beneath 
the shaft. 
Carter and Kulhawy (1988) 
Carter and Kulhawy (1988) proposed a conservative semi-empirical correlation to 
estimate the ultimate unit tip resistance of drilled shafts in jointed rock mass. The method 
require determination of the unconfined compressive strength of the rock mass together with  
the Hoek-Brown strength parameters.  The conservative solution proposed by Carter and 
Kulhawy (1988) is: 
      [ 
         




Where mb and s are the strength parameters for the Hoek-Brown strength criterion. 











Table 2.3 Correlations between Rock Mass Quality and Hoek-Brown strength 
parameters (after Carter and Kulhawy, 1988) 
 
ARGEMA (1992) 
ARGEMA (1992) proposed a correlation to estimate the ultimate tip resistance of 
drilled shafts in rock. The correlation is based on the recommendations of API (1991). 
ARGEMA (1992) correlates the ultimate unit tip resistance to the unconfined compressive 
strength with a limitation to the ultimate tip resistance to 10 MPa. The limit to the ultimate 
tip resistance is set for all type of rock regardless to the unconfined compressive strength.  
 







Zhang and Einstein (1998) 
Zhang and Einstein (1998) compiled a tip resistance database of 39 drilled shaft load 
tests in rock. The database includes shafts socketed into mudstone, clay-shale, shale, gypsum, 
till, diabase, hardpan, sandstone, marl, siltstone, diabase breccia and limestone. Zhang and 
Einstein (1998) reported unconfined compressive strength values for the rock types that 
ranges from 0.5 to 55 MPa.  Tip displacement at the ultimate load ranges from 0.6 to 20% of 
the shaft diameter, i.e., 0.6 to 21 cm. Drilled shaft diameters in the database ranged from 0.3 
to 1.92 m. Zhang and Einstein (1998) recommend the following relation to estimate the 
ultimate tip resistance of drilled shafts socketed into rock: 
 
Lower bound 
       .0      [   ] 




       .8       [   ] 




      6.6      [   ] 




Abu-Hejleh and Attwool (2005) 
Abu-Hejleh and Attwool (2005) proposed a design method to predict the ultimate tip 
resistance of drilled shafts in rock. The method is based on the results of the drilled shaft load 
tests, standard penetration test (SPT), and laboratory tests performed in Colorado weak rocks. 
Abu-Hejleh and Attwool (2005) design method is developed for claystones and shales. For 
drilled shaft socketed into weak claystone that have SPT blow counts (N) between 20 to 100 
blows per foot (bpf) and unconfined compressive strength less than 1.15 MPa, Abu-Hejleh 
and Attwool (2005) recommend the following correlation to estimate the ultimate tip 
resistance.    
 




For very sandy claystone with unconfined compressive strength higher than 5 MPa and/or 
SPT blow counts higher than 120 bpf   
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       (1.  0. 8 
 
 




Canadian Foundation Engineering Manual (2006) 
The Canadian Foundation Engineering Manual (CFEM) (2006) proposed a design 
correlation to estimate the allowable tip resistance (qta) of drilled shaft in rock. The prediction 
method is based on the work of Landanyi and Roy (1971) and takes into account the drilled 
shaft embedment depth and the rock mass properties. The design correlation is: 
 





  Ksp = coefficient of rock mass joint spacing  
  Ksp  
     ⁄
   √        ⁄
 
d = depth correction factor =              ⁄  
Ls = socket length  
D = socket diameter  
c   joint spacing ≥  00 mm 
δ   aperture thickness ≤   mm 
 
The relation for the coefficient of rock mass joint spacing is only valid for rock mass 
with joint spacing greater than 300 mm, joint aperture less 5 mm (or less than 25 mm, if 
filled with soil or rock debris), and for drilled shaft diameters greater than 300 mm. For 
sedimentary rocks (e.g. shales, mudstones, and sandstones), the strata should be horizontal or 
close to horizontal. CFEM (2006) proposed an alternative method for determining the tip 
resistance of drilled shafts in rock when in situ pressuremeter test (PMT) results are 




                       
 
(2.32) 
where pl is the limit pressure evaluated from PMT in the zone extending two shaft diameters 
above and below the shaft base; po is the at rest horizontal stress in the rock a the elevation of 
the shaft base; σvo is the total overburden stress. 
2.4 SUMMARY  
The axial capacity of drilled shaft socketed into rock is an important factor in the 
drilled shaft design. Estimation of the capacity requires both ultimate side and tip resistance 
to be predicted. In this chapter, current empirical and theoretical prediction methods for side 
and tip resistance are reviewed. The empirical prediction methods are based on the results of 
full-scale load tests of drilled shafts in a wide variety of rock types and strength. Majority of 
the empirical methods are not intended to be used exclusively for a certain rock type or 
within a certain range of strength with the exception to Hassan & O’Neill (1997), Miller 
(2003) and, Abu-Hejleh & Attwooll (2005) which are mainly used for weak fine-grained 
rocks such as weak shales, mudstones and claystones. Side and tip resistance empirical 
prediction methods correlates the capacity of the unconfined compressive strength of rock. 
Horvath et al. (1983), Rowe & Armitage (1987) and Kulhawy & Phoon (1993) empirical 
prediction methods for side resistance takes into account the interface roughness and provide 
variations of the adhesion factor for different roughness conditions. Theoretical prediction 
methods developed for side resistance generally attempt to model the physical process of 
load transfer from the drilled shaft to surrounding rock by taking into account the interface 
roughness, rock mass stiffness, drained parameters for rock, and the initial effective vertical 
stress. However, theoretical analysis requires input parameters for effective stress friction 
angle, cohesion intercept, and some quantitative measure of dilatancy of weak rocks. Such 
information is not routinely collected in field or laboratory tests (Carter and Kulhawy 1988). 
A static full-scale load test database for rock socketed drilled shafts in weak shales, 
mudstones, and claystones are compiled in Chapter 4 and is used in Chapter 5 to evaluate the 
prediction methods reviewed herein.   
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CHAPTER 3 GEOLOGIC CHARACTERIZATION OF ILLINOIS 
WEAK SHALES 
 
3.1 DEFINITION OF SHALES 
“Fine-grained” or “clay-rich” rock is a general term used to define clastic sedimentary 
rocks that contains more than 50 percent silt and/or clay (Folk, 1974). Fine-grained rocks 
include mudstones, shales, siltstones, and claystones. Geologist and engineers tend to classify 
the fine-grained rocks based on the texture and structure of geomaterial. Some of the more 
widely used classifications/definitions of fine-grained rocks are summarized in Table 3.1.  
Table 3.1 Definitions of some of fine-grained sedimentary rocks. (after Weaver 1990) 
Term Definition References  
Claystone 
Indurated clays. Retain considerable coherence on being 
wetted after drying. 
Twenhofel. 1950 
 
Weakly indurated, composed predominantly of "clay-
sized" particles (   10 μm). 
Flawn. 1953 
 
Massive rock in which clay predominates. Ingram, 1953 
 
Contains two-thirds clay Folk. 1974 
 
Contains more than 75% clay. Picard, 1971 
 
Indurated clay. Pettijohn. 1975 
Mudstone Partly indurated argillaceous rock which slakes readily to 
mud when repeatedly dried and wetted 
Shrock, 1948 
 
Clays and silts mingled with water form muds and both 




Rocks with subequal silt and clay 
Folk. 1974 
 
Blocky or massive claystone 
Pettijohn, 1975 
Shale  Claystone and siltstone with cleavage parallel to bedding. Twenhofel, 1950 
 
Fine-grained rock containing 50 to l00%, clay-size 
particles with clay minerals constituting at least 
25% of the total rock volume. 
Picard. 1953 
 More indurated than claystone. Flawn, 1953 
 Fissile claystone, siltstone, and mudstone. Ingram, 1953 
 Fissile mudstone. Pettijohn. 1975 
 Fissile mudrock. Folk, 1974 
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According to the Unified Soil Classification System (USCS) fine-grained 
geomaterials are those composed largely of particle-sizes that pass through a square opening 
of standard No.  00 (7 μm) sieve. The particle size distribution for the coarse fraction is 
normally obtained by mechanical sieve analysis (ASTM D6913M-17). The fine-grained 
fraction (silt and clays) is usually determined using sedimentation (hydrometer) analysis 
(ASTM D7928-17) where the settling velocity data is used to infer the equivalent particle 
size using Stoke’s la .   
 As shown in Table 3.1, shales have been described in several different ways in the 
literature.  However, there is consensus that shales are restricted to geomaterials that present 
laminations or fissility, whereas mudstones, siltstones, and claystones are described as 
massive and blocky material which are neither laminated or fissile. Spears (1976) defines 
fissility as the tendency for the sedimentary rock to split along relatively smooth planes 
parallel to the bedding. The reasons behind the fissility of shales are largely due to the 
laminations and parallel orientation of the micaceous mineral sheets which is dictated by the 
characteristics of the depositional environment (Ingram, 1953; Gipson, 196 ; O’Brien, 1970; 
Pettijohn, 1975; Spears, 1976) and enhanced by the overburden stress. (Lambe, 1958). 
Another important factor that causes fissility of shales is the presence of organic matter, not 
only as a dispersion agent of clays minerals (i.e. by neutralizing the surface charges on clays 
minerals) but as a constituent of weak micro-lenses when it is concentrated into weak bands 
(Ingram, 1953; Odom, 1967 Cepeda Diaz, 1987). Fissility is reduced when cementing agents 
in the shales (i.e. calcareous and siliceous materials) are present, because the strength of the 
geomaterial is controlled by the strength along preexisting bands (Ingram 1953; Goodman 
1993). It is also common, especially by geotechnical engineers, to include modifiers to the 
description of shales (e.g. clay shales, soil-like shales, and rock-like shales). Mead (1936) 
defines soil-like shales as geomaterials lacking significant amount of diagenetic bonding or 
cementing and rock-like shales as cemented or bonded shales. Bjerrum (1967) refer to clay 
shales as overconsolidated plastic clays with well-developed diagenetic bonds while shales 
are highly overconsolidated plastic clays with strong diagenetic bonds.  
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3.2 CLASSIFICATION OF SHALES BASED ON DEGREE OF INDURATION  
The degree of induration of shales are generally evaluated based on the undrained 
compressive strength or the undrained shear strength of the geomaterial (Underwood, 1967; 
Morgenstern and Eigenbrod, 1974; Cepeda Diaz, 1987).  Unconfined compression tests 
and/or unconsolidated undrained (UU) triaxial compression tests with confining pressures 
between 5 to 50 psi are commonly used to determine the undrained shear strength of shales. 
(Underwood et al., 1964; Nakano, 1967; Fleming et al. 1970; Hendron et al., 1970; Mesri and 
Gibala, 1971; Lutton and Banks, 1970; Read et al. 1981; Cepeda Diaz, 1987). Since the 
presence of secondary structures in shales (e.g. joints and fissures) is norm rather than the 
exception, the use of confining pressure is often recommended to avoid anticipated 
premature failure through existing fissure. Terzaghi et al., (1996) recommend using UU 
triaxial compression test to measure the undrained compressive or undrained shear strength at 
the in situ water content using confining pressures equal to the in situ total overburden stress.  
Several Investigators proposed different criteria based on the unconfined compressive 
strength to define the degree of induration. For example, Hoshino (1981) define “soft” 
sedimentary rocks as those having unconfined compressive strength in the range of 2 to 20 
MPa and porosities larger than 30 percent. Read et al. (1980) propose similar criteria for soft 
rocks that belongs to Tertiary or Quaternary age in New Zealand when the unconfined 
compressive strength is smaller than 10 MPa. Neito (1982) suggest that soft rocks are those 
with unconfined compressive strength less than 36 MPa. In this dissertation, the author 
focused on weak shales of Illinois collected from cyclothems of Pennsylvanian age. For the 
purpose of this thesis, weak shales are defined as those having unconfined compressive 
strength in the range of 0.5 and 5 MPa which is consistent with the definition of weak 
cohesive Intermediate Geomaterials (IGM) introduced by O’Neill et al. (1999). 
3.3 STRATIGRAPHY, DEPOSITION ENVIRONMENT AND CLAY 
MINEROLOGY 
The Pennsylvanian formations forms the bedrock of approximately two-thirds of 
Illinois area (95,327 out of 149,932 km
2
) (Willman et al. 1975). Pennsylvanian rocks of 
Illinois basin display a notable cyclical/repetitive succession of deposits of sandstones, 
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shales, limestones and coals as a response of movement of the shore line during the 
Pennsylvanian era (Jacobson, 2000). Each succession of layers is called “cyclothem” and 
each cyclothem consists of ten main repetitive of marine and non-marine deposits. Figure 3.1 
shows a typical cyclothem as described by Weller (1930). The base of each cyclothem is a 
sandstone layer overlain by an underclay, coal, gray shale, black fissile shale, marine 
limestone, and gray marine shale (Murray 1953). The bottom five layers (members 1 to 5 in 
Figure 3.1a) in each cyclothem (sandstone, sandy shale, limestone, underclay, and coal) are 
of non-marine origin (deposited during the retreat of the sea) while the top five layers 
(members 6 to 10 in Figure 3.1a) were deposited in marine and shallow marine or brackish 
environment. Shales studied herein belongs mainly to members 6, 8, and 10 in Figure 3.1a.  
 
 
Figure 3.1 (a) shows an idealized cyclothem column where the ten stratigraphic members are 
present. (b) displays a typical cyclothem showing the lateral discontinuous nature typically 
observed in a cyclothem. (After Jacobson, 2000) 
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Mineralogical composition of Pennsylvanian shales have been studied extensively by 
engineering geologist and sedimentologists. For example, Grim et al. (1957) investigated the 
mineroligical composition of both Pennsylvanian and Mississippian shales of Illinois, as well 
as Odom (1967) and Holland (1956) who studied Pennsylvanian shales overlying coal seams 
in Illinois. Their work shows that Pennsylvanian shales are composed mainly of illite, mixed 
inter-layered clay minerals, kaolinite and, chlorite. The mixed inter-layered clay minerals are 
clay minerals with alternating crystal layers of different composition such as illite and 
montmorolinite. Murray (1953) clay mineralogical analysis on Pennsylvanian shales of 
western Illinois of marine, brackish and non-marine origin shows that illites are enriched in 
marine shales and illite to kalonite-chlorites ratio is the highest in marine shales and lowest in 
non-marine shales (see figure 3.2). 
 
Figure 3.2 Diagram showing clay mineral percentage in marine, brachish non-marine origin 
Pennsylvanian shales (after Murray 1953) 
In additions to the clay minerals, other minerals or non-clastic deposits may be 
present which may influence the engineering behavior of shales. For example, calcite and 
dolomite are carbonate minerals that usually present in marine shales in the form of fossil 
fragments; shales containing 20 to 35% of calcite are referred to as calcareous shales or Marl 
(Mead, 1936; Cepeda Diaz, 1987). Silica can be also found in shales with abundant amounts 
(e.g. Mowry shales of Wyoming) in the form biochemically precipitated cement (Pettjohn, 
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1975).  In this dissertation, the mineralogical composition of shales is inferred from the 
Atterberg limits of air-dried shale specimens which are ball-milled to pass No. 200 sieve 
before tempering and testing.   Clay size fraction (percent < 2%) is also determined using 
sedimentation (hydrometer) analysis after disaggregation to identify the shale texture (silty 
shales versus clayey shales). 
3.4 SUMMARY  
Literature review on the geologic aspects of Pennsylvanian weak shales and their 
proper classification and definition of weak shales are summarized in this chapter. The term 
“shale” has been loosely used in the literature to define a wide range of fine-grained 
materials such as mudstones, claystones and siltstones, however, the most common definition 
is that shales are fine-grained rocks with laminated structures that quickly split into chips 
when they get exposed. Geologic description for shales should at least include the following 
to better predict their engineering behavio: (i) degree of induration (weak versus indurated), 
(ii) textural composition (sandy versus clayey) and (iii) fracturing pattern among exposure 
(fissile versus massive) .  In this study, Illinois Pennsylvanian weak shales of marine and 
non-marine origin with unconfined compressive strength between 0.5 and 5.0 MPa are 




CHAPTER 4 DRILLED SHAFT STATIC LOAD TEST DATABASE 
 
4.1 INTRODUCTION 
Full-scale load tests of axially loaded drilled shafts socketed into weak shales were 
collected from the literature and are presented in this chapter. The results of these loads tests 
are used to create two separate databases for measured ultimate side and tip resistance in 
weak shales. The databases include over 80 load test of relevant drilled shafts load tests with 
155 values of side and tip resistance. The main purpose of these two databases is first to 
evaluate the applicability of the current prediction methods (reviewed in Chapter 2) in 
estimating the axial capacity. It is important to note that the load test databases compiled 
herein include load tests conducted in other weak fine-grained rocks (e.g. weak mudstone, 
claystone) assuming that the drilled shaft behavior they will behave similarly under axial 
loads. Much of the load tests compiled herein are based on the results of extensive load tests 
conducted in Melbourne weak mudstones reported by Pells et al. (1980) and other load test 
databases compiled by Kulhawy and Phoon (1993). These investigations provided a great 
wealth of knowledge on the behavior of drilled shafts in similar weak rocks. The two 
databases compiled herein are also used to develop a new design method for the prediction of 
axial capacity of drilled shaft socketed into weak shales (see Chapter 9).  
4.2 LOAD TEST INFORMATION 
In this section, details of the full-scale load tests used in the tip and side resistance are 
summarized. Drilled shaft dimensions, construction methods, load testing procedures and 
rock types involved in the two databases are discussed. 
 
4.2.1 DRILLED SHAFT DIMENSIONS  
Drilled shaft considered in this study ranged in diameters between 12 to 96 inches 
(0.3 to 2.4m) and with socket lengths ranging from 3.3 to 70 ft (1 to 21 m). Frequency 
distribution plots that characterize the load tests in terms of the socket diameter and lengths 
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are shown in Figure 4.1 and Figure 4.2 respectively. All of the drilled shafts considered 
herein are straight shafts (i.e. enlarged base shafts are not considered).  
 
 
Figure 4.1Socket diameter frequency distribution in the database 
 
Figure 4.2 Socket length frequency distribution in the database 
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4.2.2 ROCK TYPES  
The main purpose of the load databases compiled herein is to evaluate the load 
transferred in side and tip resistance for drilled shafts socketed into weak shales. Therefore, 
most of the load test used in the database are in weak shales. However, full-scale load tests in 
other weak fine-grained rocks such as load tests in Melbourne mudstone reported by 
Williams et al (1980) were also considered assuming that the side and tip load transfer 
mechanism in such geomaterials is comparatively similar to that in weak shales.  
 
4.2.3 CONSTRUCTION METHODS 
One of the important factors that influence the mobilized capacity of weak shale-
socketed drilled shafts is the utilized construction method. Procedures used to excavate the 
drilled shafts were determined (when they are available) for each load test and reported in the 
database.  Most of the drilled shafts reported herein were constructed using the dry method 
when it is possible to leave the borehole without support. However, wet construction 
methods were also utilized for a number of load tests using mineral slurries (e.g. Polymers or 
Bentonite). 
 Side wall roughness is another factor that greatly influence the mobilized unit side 
resistance. Most of the drilled shafts were drilled normally and proper cleanout for the side 
walls was conducted. Artificially roughened side walls for number of test shafts were also 
collected here to study their effects on the mobilized side resistance. All load test used in this 
study were constructed using good to excellent construction practices. Load tests were 
discarded when construction problems were reported that may have a significant effect on the 
drilled shaft axial behavior. 
 
4.2.4 LOAD TESTING PROCEDURES 
Static load tests considered in the databases are mostly compression load tests that are 
conducted using conventional, kentledge, Osterberg cell (O-cell), or ring cell load testing 
methods. However, a number of pull-out load tests are also included to study the mobilized 
side resistance in weak shales. Conventional load testing method involves applying static 
load test to the top of the shaft by a hydraulic jack and by using a reaction system to push 
down on the shaft. A typical arrangement of the conventional load testing system is shown in 
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Figure 4.3. The movement of the top of the shaft is measured using dial gauges connected to 
a reference beam.  The kentledge method is similar to the conventional method except the 
load is applied directly to the top of the shaft using dead loads (in most cases concrete 
blocks). 
The O-cell load test is a hydraulically powered sacrificial load cell that is installed 
within the test shaft. (Commonly installed at the tip of the shaft to allow direct measurement 
of both side and tip resistance). The load is applied through hydraulic cables connected 
directly to the load cell. As the load is applied to the load cell, it begins expanding in both 
directions; upward against the upper side shear and downward against the tip resistance. The 
main advantage of the O-cell load testing procedure is that it eliminates the use of large 
reaction systems needed in the top down conventional load tests and it allows separate 
measurement for the side and tip resistance.  A schematic of typical O-cell load testing setup 
is shown in Figure 4.5. The majority of the compression load tests in the two databases were 




4.3 Schematic of the Conventional top down static load test (after ASTM D1443M) 
 






Figure 4.5 Schematics of the O-cell testing setup (After Load Test, Inc) 
 
4.3 SIDE RESISTANCE DATABASE  
The side resistance database includes 93 values of unit side resistance from more than 
65 drilled shaft load tests. The side resistance data base is summarized in Table 4.1. This 
drilled shaft load test database includes the following: 
 Data from Osterberg load tests, Ring Cells and conventional top-loaded, drilled 
shaft load tests. 
 Drilled shafts embedded in weak shales, claystones, and mudstones. 
 Drilled shaft diameters range from 13 to 78 in. (0.33 to 2.0 m). 
 Most of the drilled shafts sockets were drilled normally. Only a few of the drilled 
shafts had artificially roughened socket walls that increase side resistance.  
 Side resistance is defined as the maximum unit side resistance reached before load 
test termination. 
57 
 The ratio of drilled shaft vertical movement to diameter is less than 1.7%. 
 
The side resistance database was used to evaluate the current side resistance prediction 
methods (reviewed in chapter 2) and to develop a new prediction design method for the side 
resistance capacity of drilled shafts in weak shales. 
4.4 TIP RESISTANCE DATABASE  
The tip resistance database includes 62 values of tip resistance from 62 drilled shaft 
load tests. This database is summarized in Table 4.2. The drilled shaft load test database 
includes the following: 
 Data from Osterberg load tests and conventional top-loaded drilled shaft load 
tests. 
 Drilled shafts embedded in weak shales, claystones, and mudstones. 
 Unconfined compressive strength of weak shales, at or 2 shaft diameters below 
the tip, between 10 to 100 ksf. 
 Drilled shaft diameters ranged from 12 to 96 in. (0.30 to 2.44 m). 
 In most cases, the bottom of the drilled shaft was cleaned of loose debris (see 
summary in Table 4.2. 
 Tip resistance is defined as the maximum unit tip resistance reached before load 
test termination. 
 Drilled shaft vertical movement at the tip elevation was 0.4 to 4.3 in. (10.2 to 
109.2 mm). 
The tip resistance database was used to reevaluate the current prediction tip resistance  
methods and to develop a new prediction design method for the tip resistance capacity of 
drilled shafts in weak shales. 
4.5 SUMMARY 
A drilled shaft load test database for unit side and unit tip resistance were developed 
in this dissertation and described in this chapter based on the results of full-scale load tests of 
drilled shafts socketed into weak shales and other weak fine-grained rocks (e.g. mudstones). 
The database included only test shafts that were executed using good to excellent 
construction practices. Load tests were discarded when construction problems were reported 
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that may have a significant effect on the drilled shaft axial behavior. Test shaft used in the 
database ranged in diameters between 12 to 96 inches (0.3 to 2.4m) and with socket lengths 
ranging from 3.3 to 70 ft (1 to 21 m). The two databases presented in this chapter were used 
to evaluate the applicability of the current prediction methods in estimating the axial capacity 
of drilled shafts in weak shale (see Chapter 5). The databases are also used to develop new 







Table 4.1 Side Resistance Database from Drilled Shaft Load Tests  








Test Method Remarks 
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Matich and Kozicki 
(1967) 
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Geoke and Hustad 



















Port Elizabeth, south Africa: 
West pile 
Mudstone from 
Uitenhage series of  
Cretaceous system 
3.76 









Concrete defects due 





Port Elizabeth, south Africa 
East pile 
Mudstone from 
Uitenhage series of 
Cretaceous system 
2.51 









Concrete defects due  






































9 Brown and Thompson (2008) Claystone 
> 9.6 




















Test Method Remarks 
10 
 

















LT-9405   
IL 5 over IL 84 (2008) 
Shale 
1.4 








LT-9405   
IL 5 over IL 84 (2008) 
Shale 
2.7 








LT-9405   
IL 5 over IL 84 (2008) 
Shale 
13.3 








LT-8276    
FAU 6265 (1996) 
Shale 
1.0 



















Millar (1976): City Center 
Perth, W.A. 
King Park shale 
> 23 
@ 1.25 in 







Millar (1976): Telephone Exchange, 
Perth, W.A. (TP1) 
King Park shale 
> 6.3 
@ 1.2 in 
20.9 26 __ __ __ 
18 
 
Millar (1976): Telephone Exchange, 
Perth, W.A. (TP2) 
King Park shale 
15.04 
@ 0.16 in 
56 31 __ __ __ 
19 
 
Johnston and Donald (1979) 
Flinders St., Melbourne (F1) 
 Weathered Melbourne 
mudstone 
21.9 63.9 47.2 __ __ __ 
20 
 






Williams and Pells (1981) Shale 23 64.7 27 __ __ 
Drilled and cast 
under bentonite 
Table 4.1 (continued)  
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Test Method Remarks 
22 
 
Williams and Pells (1981) Shale 15 56.4 31 __ __ __ 
23 
 
Williams (1980a): PS1 
Stanley Ave., Melbourne 
Weathered Melbourne 
mudstone 






Williams (1980a): PS3 
Stanley Ave., Melbourne 
Weathered Melbourne 
mudstone 






Williams (1980a): PS12 
Stanley Ave., Melbourne 
Weathered Melbourne  
mudstone 
8.56 12.3 13.2 __ 
Compression 
test 




Williams (1980a): PS14 
Stanley Ave., Melbourne 
Weathered Melbourne  
mudstone 





Williams (1980a): PS15 
Stanley Ave., Melbourne 
Weathered Melbourne 
mudstone 






Williams (1980a): PS 16 
Stanley Ave., Melbourne 
Weathered Melbourne 
mudstone 
> 7.5 12.1 15.5 __ __ Roughened 
29 
 
Williams (1980a): M1 
Middleborough Rd. 
Melbourne 
Weathered Melbourne  
mudstone 
12.51 51.4 48 __ __ 









13.4 48 51.2 __ __ Roughened 
31 
 





14.8 48 48.4 __ __ 
Drilled with bucket 
auger 
Table 4.1 (continued)  
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Test Method Remarks 
32 
 











 Slightly weathered 
Melbourne mudstone 
17.75 72.9 __ __ __ Roughened 
34 
 




@ 0.23 in 
16.71 29.1 __ __ Drilled with auger 
35 
 




@ 0.55 in 
19.2 29.1 __ __ Drilled with auger 
36 
 
Aurora and Reese (1976): 
MT1, Montopolis 
Clay-shale 8.56 29.6 29 __ Conventional 




Aurora and Reese (1976): 
MT2, Montopolis 
Clay-shale 7.64 29.6 31 __ Conventional 




Aurora and Reese (1976): 
MT3, Montopolis 
Clay-shale 14.4 29.6 29.5 __ Conventional 








@ 0.2 in 
12.8 35 __ Conventional 





Gray to dark gray shale 
with limey seams 
3.13 
@ 0.78 in 
13 72 40 O-Cell Drilled with auger 
41 
LT-9048 
Route 116 Over the Platte River 
(2004) 
Gray silt shale  
> 15.1 
@ 0.66 in 
45.9 48 __ O-Cell 
Drilled with auger, 
dry 
Table 4.1 (continued)  
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US 36 Over Republican River 
Socket (2001) 
Dark gray shale  
(Graneros shale formation) 
3.75 
@ 1.73 in 








@ 0.86 in 
56.2 42 93 O-Cell 





US 281 Over Solomon River 
Socket (2001) 
Gray to dark gray chalky 
shale 
10.85 
@ 0.72 in 
49.6 42 80 O-Cell 




LT-8733: Pier 1 West 
US 75 at 77th Street 
Socket (2001) 
Gray shale with limestone 
lenses 
> 8.6 
@ 0.2 in 
21.6 72 __ O-Cell 
Drilled in dry with 
auger 
Table 4.1 (continued)  
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Test Method Remarks 
46 




@ 0.36 in 
46.1 71 __ O-Cell __ 
47 
Miller (2003): Lexington, MO 
TS-1A, O-Cell to SG 2 
Hard gray clay shale 
15.2 
@ 0.15 in 
44.4 43.75 __ O-Cell Drilled normally 
48 
Miller (2003): Lexington, MO 
TS-2, Lower to Upper O-Cell 
Hard gray shale to clay shale 
15.2 
@ 0.48 in 
46.9 46 __ O-Cell Drilled normally 
49 
Miller (2003): Grandview, MO 
SG 5 to SG 6 
Gray thinly laminated  
Clay shale 
7.6 
@ 0.65 in 
19.5 77.8 __ O-Cell Drilled normally 
50 Abu-Hejleh et al. (2003): I-225 Soil-like claystone 
> 2.6 
@ 1.6 in 
8.3 42 __ O-Cell Slightly roughened 
51 Abu-Hejleh et al. (2003): I-225 Soil-like claystone 
> 3.6 
@ 1.6 in 
12.3 42 __ O-Cell Slightly roughened 
52 Abu-Hejleh et al. (2003): I-225 Soil-like claystone 
> 3.1 
@ 1.6 in 
10 42 __ O-Cell Slightly roughened 
53 




@ 0.8 in 
10.4 48 __ O-Cell Slightly roughened 
54 Abu-Hejleh et al. (2003): Franklin Very hard sandy claystone 
> 19 
@ 0.42 in 




IL-89 Over Illinois River 
Socket (2014): O-Cell to SG 1 
Gray Argillaceous Shale  
(Pennsylvanian) 
10.72 
@ 0.36 in 
39.8 60 73 O-Cell 





IL-89 Over Illinois River 
Socket (2014): SG 1to SG 2 
Gray Argillaceous Shale  
(Pennsylvanian) 
3.35 
@ 0.36 in 
25.1 60 64 O-Cell 
Drilled with auger, 
dry 
Table 4.1 (continued)  
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IL-133 Over Embarrass River 
Socket (2015): O-Cell to SG 1 
Gray Argillaceous Shale  
(Pennsylvanian) 
7.0 
@ 1.28 in 
23.5 48 83 O-Cell 




IL-133 Over Embarrass River 
Socket (2015): SG 1 to SG 2 
Gray Argillaceous Shale  
(Pennsylvanian) 
6.18 
@ 1.28 in 
17.1 48 76 O-Cell 




I-235 Over UP RR 
Socket (2004): SG 2 to SG 3 




14.6 48 66 O-Cell Polymer slurry   
60 
LT-8998 
I-235 Over UP RR 
Socket (2004): SG 3 to SG 4 




9.2 48 52 O-Cell Polymer slurry 
61 
LT-8756-2 
I-235/28th Street Overpass 
Socket (2002): O-Cell to SG 1 
Clay Shale 
5.1 
@ 0.58 in 
24.8 48 - O-Cell Polymer slurry 
62 
LT-8756-2 
I-235/28th Street Overpass 
Socket (2002): SG 1 to SG 2 
Clay Shale 
7.0 
@ 0.58 in 
29.3 48 70 O-Cell Polymer slurry 
63 
Vu (2013): Frankford, MO 
TS-F1, O-Cell to SG 1  
Maquoketa shale  
20.5 
@ 0.23 in 
79.05 36 - O-Cell 
Drilled with auger, 
dry 
64 
Vu (2013): Frankford, MO 
TS-F2, O-Cell to SG 2  
Maquoketa shale 
6.13 
@ 0.14 in 
13.1 36 - Rim-Cell 
Drilled with auger, 
dry 
65 
Vu (2013): Frankford, MO 
TS-F3, SG 1 to SG 2  
Maquoketa shale 
42.9 
@ 0.65 in 
71.7 60 - O-Cell 
Drilled with auger, 
dry 
Table 4.1 (continued)  
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Test Method Remarks 
66 
Vu (2013): Frankford, MO 
TS-F3, SG 2 to SG 3  
Maquoketa shale 
9.8 
@ 0.65 in 
33.0 60 - O-Cell 
Drilled with auger, 
dry 
67 
Vu (2013): Frankford, MO 
TS-F4, O-Cell to SG 2  
Maquoketa shale 
24.66 
@ 0.33 in 
70.83 36 - O-Cell 
Drilled with auger, 
dry 
68 
Vu (2013): Frankford, MO 
TS-F5, O-Cell to SG 2  
Maquoketa shale 
29.75 
@ 0.61 in 
70.6 60 - O-Cell 
Drilled with auger, 
dry 
69 
Vu (2013): Frankford, MO 
TS-F5, SG 2 to SG 3 
Maquoketa shale 
11.8 
@ 0.59 in 
38.3 60 - O-Cell 
Drilled with auger, 
dry 
70 
Vu (2013): Frankford, MO 
TS-F6, O-Cell to SG 1 
Maquoketa shale 
27.6 
@ 0.41 in 
68 36 - O-Cell 
Drilled with auger, 
dry 
71 
Vu (2013): Frankford, MO 
TS-F7, O-Cell to SG 1 
Maquoketa shale 
28.7 
@ 0.67 in 
62.4 36 - O-Cell 
Drilled with auger, 
dry 
72 
Vu (2013): Warrensburg, MO 
TS-W1, O-Cell to SG 3 
Sandy Shale 
2.92. 
@ 2.4 in 
8.7 36 - O-Cell 
Drilled with auger, 
dry 
73 
Vu (2013): Warrensburg, MO 
TS-W2, O-Cell to SG 2 
Sandy Shale 
2.4 
@ 1.13 in 
15.3 36 - O-Cell 
Drilled with auger, 
dry 
74 
Vu (2013): Warrensburg, MO 
TS-W3, O-Cell to SG 1 
Hard Clay Shale 
4.6 
@ 3.4 in 
26.1 36 - O-Cell 
Drilled with auger, 
dry 
75 
Vu (2013): Warrensburg, MO 
TS-W3, SG 1 to SG 2 
Weak Sandy Shale 
4.7 
@ 3.4 in 
21.0 36 - O-Cell 
Drilled with auger, 
dry 
76 
Vu (2013): Warrensburg, MO 
TS-W3, SG 2 to SG 3 
Sandy Shale 
4.6 
@ 3.4 in 
15.4 36 - O-Cell 
Drilled with auger, 
dry 
77 
Vu (2013): Warrensburg, MO 
TS-W4, O-Cell to SG 1 
Hard Clay Shale 
4.0 
@ 3.4 in 
17.4 36 - O-Cell 
Drilled with auger, 
dry 
Table 4.1 (continued)  
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78 
Vu (2013): Warrensburg, MO 
TS-W4, SG 1 to SG 2 
Weak Sandy Shale 
6.6 
@ 3.4 in 
15.5 36 - O-Cell 
Drilled with auger, 
dry 
79 
Vu (2013): Warrensburg, MO 
TS-W4, SG 2 to SG 3 
Sandy Shale 
1.8 
@ 3.4 in 
13.2 36 - O-Cell 
Drilled with auger, 
dry 
80 
Vu (2013): Warrensburg, MO 
TS-W5, O-Cell to SG 2 
Sandy Shale 
1.55 
@ 0.06 in 
8.0 36 - O-Cell 
Drilled with auger, 
dry 
81 
Vu (2013): Warrensburg, MO 
TS-W6, O-Cell to SG 2 
Sandy Shale 
6.5 
@ 1.72 in 
13.7 36 - O-Cell 
Drilled with auger, 
dry 
82 
Vu (2013): Warrensburg, MO 
TS-W7, O-Cell to SG 3 
Sandy Shale 
2.3 
@ 0.35 in 
13.4 36 - O-Cell 
Drilled with auger, 
dry 
83 
Vu (2013): Warrensburg, MO 
TS-W8, O-Cell to SG 1 
Hard Shale 
15.8 
@ 2.63 in 
50 36 - O-Cell 
Drilled with auger, 
dry 
84 
Vu (2013): Warrensburg, MO 
TS-W8, SG1 to SG 2 
Weak Shale 
5.2 
@ 2.63 in 
14.3 36 - O-Cell 
Drilled with auger, 
dry 
85 
Vu (2013): Warrensburg, MO 
TS-W8, SG2 to SG 3 
Sandy Shale 
4.7 
@ 2.63 in 
14.3 36 - O-Cell 
Drilled with auger, 
dry 
86 
Vu (2013): Warrensburg, MO 
TS-W9, SG1 to SG 3  
Weak Shale 
3.7 
@ 4.0 in 
14.3 36 - O-Cell 
Drilled with auger, 
dry 
87 
Vu (2013): Warrensburg, MO 
TS-W9, SG3 to SG 4 
Sandy Shale 
3.6 
@ 4.0 in 
14.3 36 - O-Cell 
Drilled with auger, 
dry 
88 
Vu (2013): Warrensburg, MO 
TS-W11, O-Cell to SG 1 
Weak Shale 
3.5 
@ 0.36 in 
10.95 36 - Rim-Cell 
Drilled with auger, 
dry 
89 
Vu (2013): Warrensburg, MO 
TS-W11, SG1 to SG 3 
Sandy Shale 
2.1 
@ 0.36 in 
17.35 36 - Rim-Cell 
Drilled with auger, 
dry 
Table 4.1 (continued)  
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Test Method Remarks 
90 
Vu (2013): Warrensburg, MO 
TS-W12, O-Cell to SG 1 
Sandy Shale 
8.4 
@ 1.29 in 
16.6 36 - O-Cell 
Drilled with auger, 
dry 
91 
Vu (2013): Warrensburg, MO 
TS-W13, O-Cell to SG 3 
Sandy Shale 
3.4 
@ 0.76 in 
7.0 36 - O-Cell 
Drilled with auger, 
dry 
92 
Vu (2013): Warrensburg, MO 
TS-W14, O-Cell to SG 3 
Sandy Shale 
3.4 
@ 2.16 in 
11.25 36 - O-Cell 
Drilled with auger, 
dry 
93 
Vu (2013): Warrensburg, MO 
TS-W15, O-Cell to SG 3 
Sandy Shale 
4.72 
@ 2.84 in 
10.83 36 - O-Cell 
Drilled with auger, 
dry 
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Table 4.2 Tip Resistance Database from Drilled Shaft Load Tests 











Tip Movement (in.) 
1 
LT-8718-1 
US 36 Over Republican River 
Geraneros Shale 
 Formation 
> 56.9 16.7 72 61 315 1.12 
2 
LT-8718-2 
US 36 Over Republican River 
Geraneros Shale 
 Formation, dark gray shale 
> 44.1 13 72 33 323 0.62 
3 
LT-8733: Pier 1 West 
US 75 at 77th Street 






US 281 Over Solomon River 
Gray to dark gray shale 
(chalky) 
> 136.7 63.5 42 70 141 1.00 
5 
LT-8854 
I 235 Over Des Moines River 
Light gray and moist clay 
shale 
> 378 81.9 42 94 356.2 1.50 
6 
LT-9021 
US 75 Over Neosho River 
Green and gray clayey 
shale 






Route 116 Over Platte River 
Thinly laminated silt shale, 
gray 




8 LT-8415-2 Gray shale > 140 93 96 43 413 1.34 
9 
Abu-Hejleh et al. (2003): 
County Line 





Abu-Hejleh et al. (2003): 
Franklin site 




11 Abu-Hejleh et al. (2003): I-225  Soil like claystone > 55 13.1 42 __ 193.2 2.26 
12 Aurora and Reese (1976): DT1 Clay-shale 51 12.8 35 __ 76.8 2.31 
13 Vijayvergiya et al. (1969) Clay-shale 122 27.2 30 __ 124.5 __ 
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Tip Movement (in.) 
14 Thorburn (1966) Clay-shale 227 88 48 __ 48 0.41 









Van Doren et al.  
(1967) 










Geoke and Hustad 
(1979): TS 1 
Caddo Formation: 
gray clay-shale 





Geoke and Hustad 
(1979): TS 2 
Caddo and Kiamichi 
Formations: 
gray clay-shale 









Hummert and Cooling 
(1988) 





Jubenville and Hepworth 
(1981) 





Aurora and Reese (1976): 
MT1 





Aurora and Reese (1976): 
MT2 
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Tip Movement (in.) 
25 
Aurora and Reese (1976): 
MT3 




26 Williams (1980a) 
Highly weathered 
mudstone 






27 Williams (1980a) 
Highly weathered 
mudstone 






28 Williams (1980a) 
Moderately weathered 
mudstone 






29 Williams (1980a) 
Moderately weathered 
mudstone 






30 Williams (1980a) 
Moderately weathered 
mudstone 






31 Williams (1980a) 
Moderately weathered 
mudstone 






32 Williams (1980a) Mudstone 192 40.3 23.6   3.3 
33 Williams (1980a) 
Moderately weathered 
mudstone 
148.3 29.2 39.5 __ __ 4.3 
34 
LT-1407 
IL-89 Over Illinois River 
Socket (2014) 
Calcareous Shale 66.8 98.5 60 83 168 0.158 
35 
LT-1425 
IL-133 Over Embarrass River 
Socket (2015) 
Clay Shale 58.6 19.1 48 80 168 1.684 
Table 4.2 (continued)  
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Tip Movement (in.) 
36 
LT-8998 
I-235 Over UP RR 
Socket (2004) 
Carboniferous Clay Shale 176 138 48 37 448 1.16 
37 
LT-8756-2 
I-235/28th Street Overpass 
Socket (2002) 
Clay Shale 114.1 29.3 48 70 300 0.184 
38 




78.1 67 36 - 190 0.234 
39 




114.6 64.55 36 - 204 0.108 
40 




134.3 68.1 60 - 237 0.32 
41 




259.9 62.4 36 - 260 3.2 
42 




190 70.7 60 - 325 0.8 
43 




286.4 62.7 36 - 260 4.7 
44 




210.1 66.7 36 - 344 0.95 
45 




80.4 56.25 36 - 222 0.09 
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Tip Movement (in.) 
46 




27.2 10.4 60 - 122 0.22 
47 




44.5 10.4 60 - 144 0.44 
48 
Vu (2013): Warrensburg, MO 
TS-W1 
Weak Shale 41.5 5.8 36 - 148 0.29 
49 
Vu (2013): Warrensburg, MO 
TS-W2 
Weak Shale 60.4 5.8 36 - 210 0.52 
50 
Vu (2013): Warrensburg, MO 
TS-W3 
Hard Shale 171.4 88.3 36 - 380 0.38 
51 
Vu (2013): Warrensburg, MO 
TS-W4 
Hard Shale 131.3 71.0 36 - 404 0.32 
52 
Vu (2013): Warrensburg, MO 
TS-W5 
Sandy Shale 100.3 15.75 36 - 130 2.4 
53 
Vu (2013): Warrensburg, MO 
TS-W6 
Weak Shale 58.7 15.75 36 - 209 0.67 
54 
Vu (2013): Warrensburg, MO 
TS-W7 
Weak Shale 175.3 5.8 36 - 218 8.2 
55 
Vu (2013): Warrensburg, MO 
TS-W8 
Hard Shale 251.6 113.6 36 - 386 0.67 
56 
Vu (2013): Warrensburg, MO 
TS-W9 
Hard Shale 158.9 75.5 36 - 386 0.7 
Table 4.2 (continued)  
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Tip Movement (in.) 
57 
Vu (2013): Warrensburg, MO 
TS-W10 
Weak Shale 32.1 17.8 36 - 253 2.15 
58 
Vu (2013): Warrensburg, MO 
TS-W11 
Weak Shale 57.9 17.8 36 - 255 1.05 
59 
Vu (2013): Warrensburg, MO 
TS-W12 
Weak Shale 53.7 5.8 36 - 214 1.18 
60 
Vu (2013): Warrensburg, MO 
TS-W13 
Weak Shale 39.9 5.8 36 - 208 0.22 
61 
Vu (2013): Warrensburg, MO 
TS-W14 
Weak Shale 45.1 5.8 36 - 206 0.20 
62 
Vu (2013): Warrensburg, MO 
TS-W15 
Weak Shale 66.4 5.8 36 - 210 0.19 
Table 4.2 (continued)  
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CHAPTER 5 PERFORMANCE OF PREDICTION METHODS  
 
5.1 INTRODUCTION 
Existing theoretical and empirical prediction methods used to estimate the tip and side 
resistance of shafts socketed into weak shales are reviewed in Chapter 2. Majority of the 
prediction methods correlates directly side and tip resistance to the unconfined compressive 
strength of weak shales. The prediction methods are mostly based on the results of full-scale 
load tests into weak to strong rocks and they were not developed exclusively for weak shales. 
The two databases for side and tip resistance (presented in Chapter 4) are used in this Chapter 
to evaluate the applicability of the prediction method in estimating the axial capacity. The 
two databases are also used to develop a new design procedure for drilled shafts in weak 
shales. It is important to note that theoretical prediction methods that based their analysis on 
effective stress approach were not evaluated in this chapter since this type of analysis 
requires input parameters that were not reported for most of the available load tests in weak 
shales. Such input parameters include cohesion intercept, friction angle, and some 
quantitative measure of dilatancy of the weak shales. 
5.2 STATISTICAL EVALUATION PROCEDURE 
The performance of existing prediction methods for side and tip resistance is 
evaluated by comparing the load tests measured side and tip resistances (Rm) to the predicted 
side and tip resistance (Rp).  Statistical analysis is used to quantify the uncertainty associated 
with any predicted methods in accurately estimating the resistance. The core of the statistical 
analysis procedure outlined herein is based on the work of Long (2002) on the resistance 
factors for driven piles. The ratio between predicted and measured resistance (Rp/Rm) for 
every load test result is used to quantify the capability of the prediction method to estimate 
the resistance. A ratio less than unity means that the predicted resistance is less than the 
measured and a ratio greater than unity means that the method overpredicts the capacity.  
Using the results of the load test database (see Chapter 4) two statistical parameters; bias and 
precision, can be determined for each method as measure of uncertainty. Bias is the 
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systematic error between the mean ratio (Rp/Rm) and the perfect ratio (i.e. Rp/Rm = 1) and 
reflects how well the predicted capacity agrees with the measured one on average.  
Alternatively, the precision reflects the consistency of the method to predict the 
measured axial capacity (Long and Anderson 2012). Bias and precision can be statistically 
quantified by the sample mean and the sample coefficient of variation of the data, 
respectively. 
 Assuming a log-normal distribution of the Rp/Rm for the load test data as suggested 
by Cornell (1969), Olson and Dennis (1983), Briaud and Tucker (1988) and Long (2002), the 














where n is the number of load tests side or tip resistance measurements used in the statistical 
analysis. The log-normal standard deviation (σln) is defined as  
    √
 




)       )
  





The precision is quantified as the standard deviation divided by the mean and is 
termed the coefficient of variation (COV). The COV is used as a normalized metric to 
quantify scatter for the arithmetic values of RP/Rm. The coefficient of variation, COV is 
applied to the arithmetic equivalents of standard deviation and mean not the log-normal mean 
and standard deviation  






The e uivalent arithmetic mean (μ) and standard deviation (σ) are calculated as   
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5.2.1 VALIDTY OF LOG-NORMAL DISTRIBUTION 
The statistical procedure outlined in the above section requires the Rp/Rm data to be 
randomly distributed around a mean value. Cumulative distribution functions (CDF) are used 
herein to validate the assumption of selecting a log-normal distribution to model the Rp/Rm 
data over a normal distribution. Cumulative distribution function associates certain values for 
Rp/Rm
 
with the probability that any Rp/Rm will have that value or less. Comparison between 
the theoretical log-normal or normal CDFs and the observed data provides a mean to 
examine how well the data fits each distribution. Figure 5.1a&b show values for Rp/Rm 
versus cumulative probabilities for a number of side resistance prediction methods based on 
the results of the load test databases (compiled in Chapter 4). The x-axis is a cumulative 
probability axis while the y-axis is the values of the Rp/Rm data plotted on a log-scale. The 
solid and dashed line in both figures represents the theoretical cumulative distribution 
functions for a log-normal distribution and a normal distribution, respectively. It is evident in 
the two figures that the observed data Rp/Rm (solid blue circles in Figure 5.1a&b) are in much 
better agreement with the log-normal distribution in comparison to the normal distribution. 
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Figure 5.1a Cumulative distribution curves for side resistance prediction methods 
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Figure 5.1b Cumulative distribution curves for side resistance prediction methods 
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5.3 PERFORMANCE OF SIDE RESISTANCE PREDICTION METHODS  
Published theoretical and empirical prediction methods that are used to estimate the 
maximum side resistance of drilled shafts in weak shales have been reviewed in Chapter 2. 
Majority of these prediction methods approach the problem from a total stress perspective 
where the maximum side resistance is directly correlated to the unconfined compressive 
strength of weak shales. Table 5.1 provides a concise summary of the prediction methods 
evaluated here.  Most of these methods were developed from back analysis of load tests in 
which rock cores were recovered and tested in unconfined compression or unconsolidated 
undrained triaxial tests. As shown in Table 5.1 prediction methods has three mathematical 
forms where the maximum side resistance is correlated to the unconfined compressive 
strength (1) Power functions, (2) linear functions, and (3) combination of linear and power 
functions (i.e. piecewise functions). Whether the relation is power, linear or a combination 
both depends largely on the type of the rocks used and the range of unconfined compressive 
strength in the database that was used by the investigator.  
 
5.3.1 POWER FUNCTIONS 
Several investigators have recommended power functions to estimate the maximum 
side resistance in rock. Prediction methods using power functions assume,     fsmax/qu, 
decreases with increasing value of qu. A direct plot for the predicted versus measured is 
shown in figure 5.2a&b for all the prediction methods that uses such mathematical form. 
Solid lines in figure 5.2a&b represents perfect agreement between predicted and measured 
resistance (Rp = Rm). The lower dashed line represents a resistance predicted as one-half the 
measured resistance (Rp=0.5 Rm), while the upper dashed line represents a resistance 
overpredicted by a factor of 2 (Rp= 2Rm). Figure 5.2a&b show that the predictions of side 
resistance using such mathematical form is not in a good agreement with the measured values 
and these methods does not capture the general trend of the observed/measured side 
resistance in weak shales. Figure 5.2a&b provides a visual mean to qualitatively assess the 





Figure 5.2a Plots of predicted resistance versus measured resistance for prediction methods 
that uses power functions 
Table 5.1 Published side resistance prediction methods 
No. Prediction Method Design Equation 
1 Rosenberg & Journeaux (1976) ( fsmax pa⁄ )   1.09 (  u pa⁄ )
0.  
 
2 Horvath & Kenney (1979) ( fsmax pa⁄ )   0.6  (  u pa⁄ )
0. 
 
3 Williams et al. (1980) ( fsmax pa⁄ )   1.8  (  u pa⁄ )
0. 7
 
4 Rowe & Armitage (1987) ( fsmax pa⁄ )   1.   (  u pa⁄ )
0. 
 
5 Kulhawy & Phoon (1993) ( fsmax pa⁄ )     (  u  pa⁄ )
0. 
 
6 Miller (2003) ( fsmax pa⁄ )   1. 6 (  u pa⁄ )
0. 
 
7 Kulhawy et al. (2005) ( fsmax pa⁄ )   (  u pa⁄ )
0. 
 











9 Reynolds & Kaderabek (1980) fsmax   0. 0  u 
10 Gupton & Logan (1980) fsmax   0. 0  u 











 for 0.7 MPa <qu< 12.7 MPa 











 for 1.1 MPa <qu< 5.0 MPa 
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Figure 5.2b Plots of predicted resistance versus measured resistance for prediction methods 
that uses power functions   
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Table 5.2 shows the bias and precision of each of the prediction methods that uses 
power functions to estimate the maximum side resistance. The bias and precision were 
determined using the statistical procedure outlined in section 5.2. In summary, the side 
resistance was estimated at the elevation of each strain gauge for each load test (see Table 
5.1) based on the reported unconfined compressive strength. The predicted value of side 
resistance (Rp) was then divided by the measured resistance (Rm) at each elevation. In other 
words, the design equations in Table 5.1 and a qu value were used to calculate the unit side 
resistance for the 87 depths at which side resistance was measured in the 74 load tests 
included in the database. This resulted in a ratio between Rp/Rm for each strain gauge 
elevation. Using the Rp/Rm data the bias and precision for each prediction method was 
determined assuming a log-normal distribution of the dataset. The bias is defined as the 
average ratio of the predicted to measured resistance data and reflects how well the predicted 
side resistance agrees with the measured one on average. Alternatively, the precision reflects 
the consistency of any method to predicted resistance and can be quantified by the coefficient 
of variance Statistics presented in Table 5.2 shows that some of prediction models 
overestimate the unit side resistance and some underestimate. Statistics of Table 5.3 further 
shows that majority of these models are not accurate as suggested by large COVs. 
 
Table 5.2 Statistics for Power Functions for Unit Side Resistance 
No. Design Method Bias Precision 
1 Rosenberg & Journeaux (1976) 1.25 0.50 
2 Horvath & Kenney (1979) 0.69 0.51 
3 Williams et al. (1980) 1.49 0.58 
4 Rowe & Armitage (1987) 1.54 0.51 
5 Kulhawy & Phoon (1993) 1.55 0.51 
6 Miller (2003) 1.37 0.51 
7 Kulhawy et al. (2005) 1.1 0.51 




5.3.2 LINEAR FUNCTIONS 
Reynolds and Kaderabek (1980) amd Gupton and Logan (1984) recommend linear 
expression to estimate the maximum unit side resistance of drilled shaft in rock. The two 
methods were developed based on load test results primarily in limestones. Figure 5.3 is a 
plot for the measured versus predicted side resistance based on the load test database 
compiled in Chapter 4. The plot shows that the linear expressions, to a great extent, follow 
the general trend of the measured side resistance.  Bias and precision were calculated for 
these methods based on the statistical procedure outlined in section 5.2 and are given in table 
5.3. The statistical parameters show that linear expressions give reasonable predictions for 
the side resistance in weak shales. However, Gupton and Logan (1980) tends to 
underestimate the unit side resistance. The method recommended by Reynolds and 
Kaderabek (1980) gives more accurate estimation for weak shales.   
 
 
Figure 5.3 Plots of predicted resistance versus measured resistance for prediction methods 
that uses linear functions   
Table 5.3 Statistics for Liner Functions for Unit Side Resistance 
No. Design Method Bias Precision 
1 Reynolds & Kaderabek (1980) 1.1 0.37 
2 Gupton & Logan (1980) 0.73 0.37 
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Note that the method in the Canadian Foundation Engineering Manual (Canadian 
Geotechnical Society 2006) was not evaluated herein because the discontinuity spacing of 
weak shales for most data available is smaller than the required value of 30 cm. Field 
exploration at twenty-one IDOT sites further showed that discontinuity spacing for Illinois 
shale is smaller than 30 cm Therefore, the method in the Canadian Foundation Engineering 
Manual (2006) is not recommended for use in weak shales. 
 
5.3.3 PIECEWISE FUNCTIONS 
Meigh & Wolski (1979) and Abu-Hejleh & Attwooll (2005) use piecewise functions 
(i.e. combination of both linear and power functions) for their proposed unit side resistance 
correlations. Comparison of the measured versus predicted side resistance based on the load 
test database compiled in Chapter 4 is shown in Figure 5.4. The figure shows that Meigh and 
Wolski (1979) tends to underestimate the unit side resistance in comparison to the method 
proposed by Abu-Hejleh & Attwool (2005). Bias and precision were calculated for these 
methods based on the statistical procedure outlined in section 5.2 and are given in table 5.4. 
Piecewise functions are more accurate than power functions; however, the method proposed 
by Meigh & Wolski occasionally underestimate the side resistance capacity.  The high COV 
values reflected in the precision of piecewise functions shows the inconsistency of these 
methods in predicting capacity.  
 
Figure 5.4 Plots of predicted resistance versus measured resistance for prediction methods 
that uses piecewise functions   
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Table 5.4 Statistics for Piecewise Functions for Unit Side Resistance 
No. Design Method Bias Precision 
1 Meigh & Wolski (1979) 0.74 0.46 
2 Abu-Hejleh & Attwooll (2005) 1.15 0.42 
 
5.3.4 DISCUSSION OF UNIT SIDE RESISTANCE RESULTS 
The precision and bias presented in Tables 5.2, 5.3, and 5.4 for the various prediction 
methods for unit side resistance suggest that linear functions better predict the measured 
behavior (i.e., load test data). Power functions give inaccurate predictions for the weaker 
range of weak shales (i.e., power functions commonly overestimate side resistance). 
Prediction methods by Miller (2003), Kulhawy et al. (2005), and Rosenberg and Journeaux 
(1976) are superimposed on measured values of unit side resistance from the Chapter 4 
database in Figure 5.5. Power functions, in general, overestimate the unit side resistance 
when the unconfined compressive strength of the rock is less than 40 ksf and underestimate 
the unit side resistance of drilled shafts when the unconfined compressive strength of rock is 
greater than 40 ksf. Therefore, power functions exhibit poor fits to the observed relationship 
between side resistance and unconfined compressive strength and are not recommended.  
Piecewise functions are more accurate than power functions; however, they 
occasionally underestimate the unit side resistance. Furthermore, the same level of accuracy 
can be obtained in design by using a simple linear function as a prediction method. As a 
result, it is recommended that a linear function (e.g., modified version of those shown in 





Figure 5.5 Comparison of power function prediction methods and load test database 
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5.4 PERFORMANCE OF TIP RESISTANCE PREDICTION METHODS  
Published tip resistance prediction methods have been reviewed in Chapter 2 and are 
evaluated here using the tip resistance database. The statistical procedure outlined in section 
5.2 is used to calculate the bias and precision for each method. Similar to the side resistance; 
linear functions, power functions, or a combination of both are commonly are used to 
correlate the ultimate tip resistance of drilled shafts to unconfined compressive strength for 
the design of drilled shafts in weak shales. Table 5.5 provides a concise summary of these 
methods. Since the mobilized tip resistance is influenced by the shaft tip displacement, only 
load test results whose displacement greater or equal to 3% of the shaft diameter were used to 
evaluate the ability of the prediction methods to estimate the tip resistance. 
 
Table 5.5 Published tip resistance prediction methods 
No. Prediction Method Design Equation 
1 Teng (1962)       0. 7  to 0.60     
2 Coates (1967)             
3 Rowe & Armitage (1987)        .      
4 ARGEMA (1992)        .      < 10 MPa 
5 Zhang & Einstein (1993) (    pa⁄ )   1 . 7 (  u pa⁄ )
0. 
 
6 Abu-Hejleh & Attwooll 
(2005)  
        .8   u for qu< 1.1 MPa 
       (1.  0. 8 
 
 
)       .08    for 1.1 MPa <qu< 5.0 MPa 
 
5.4.1 LINEAR FUNCTIONS 
Teng (1962), Coates (1967), and Rowe and Armitage (1987) used linear expressions 
for their proposed prediction methods. Comparisons of the predicted tip resistance values and 
the resistance values measured in the load tests compiled in chapter 4 are shown in figure 5.6. 
Bias and precision were calculated for these methods based on the statistical procedure 
outlined in section 5.2 and are given in Table 5.6. Statistical parameters and the comparison 
plots show that three prediction methods tend to underestimate the tip capacity. The method 




Figure 5.6 Plots of predicted resistance versus measured resistance for tip prediction methods 
that uses linear functions   
Table 5.6 Statistics for Linear Functions for Unit Tip Resistance 
No. Design Method Bias Precision 
1 Teng (1962) 0.12 0.35 
2 Coates (1967) 0.60 0.35 
3 Rowe & Armitage (1987) 0.50 0.35 
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5.4.2 POWER FUNCTIONS 
Zhang and Einstein (1998) use a power function for their prediction method.  
Comparison between the predicted and the measured tip resistance is shown in figure 5.7. 
Bias and precision were also calculated for this prediction method using the statistical 
procedure outlined in section 5.2.  analysis of the data show that Zhang and Einstein 
prediction gives on average good prediction of the tip capacity however the high values of 
COV reflected in the precision indicates that the inconsistency of this method. 
 
Figure 5.7 Plots of predicted resistance versus measured resistance for tip prediction methods 
based on Zhang & Einstein (1998) 
Table 5.7 Statistics for Power Functions for Unit Tip Resistance 
No. Design Method Bias Precision 
1 Zhang & Einstein (1998) 1.09 0.54 
 
5.4.3  PIECEWISE FUNCTIONS 
ARGEMA (1992) and Abu-Hejleh and Attwooll (2005) use a combination of linear 
and power functions for different ranges of undrained compressive strength of rocks for their 
prediction methods. The tip resistance database in Chapter 4 was used to evaluate these 
methods for the design of drilled shafts in weak shales. The values of bias and precision of 
the predicted to measured tip resistance values are summarized in Table 5.8. The bias and 
precision for each prediction method was computed as described above under section 5.2  
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Figure 5.8 Plots of predicted resistance versus measured resistance for prediction methods 
that uses piecewise functions   
Table 5.8 Statistics for Piecewise Functions for Unit Tip Resistance 
No. Design Method Bias Precision 
1 ARGEMA (1992) 1.00 0.4 
2 Abu-Hejleh and Attwooll (2005) 0.89 0.4 
 
5.4.4 DISCUSSION OF UNIT TIP RESISTANCE RESULTS 
Some of the prediction methods underestimate the tip resistance of drilled shafts, 
which is indicated by their low computed mean (e.g., Teng 1962; Carter and Kulhawy 1988). 
This leads to a conservative design in which tip resistance is included as one of the 
components that contribute to total axial capacity. Some other methods have high COVs, and 
thus they lead to inaccurate estimates of tip resistance (e.g., Zhang and Einstein 1998). 
 
The mobilized tip resistance of drilled shafts in weak rocks is a function of tip 
displacement allowed, socket length, and unconfined compressive strength of weak rock, as 
shown in Figure 5.9. Figure 5.9 shows that the greater the tip displacement, the greater the tip 
resistance, up to a ratio of tip displacement to tip diameter of about 4.  
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Most of the prediction methods reviewed and evaluated herein ignore allowable 
displacement of the shaft tip and socket length. A new design method that implicitly accounts 
for these important parameters was developed herein and will be introduced in Chapter 8. 
 
 
Figure 5.9 Effect of shaft tip displacement on tip resistance. 
5.5 SUMMARY 
Existing prediction methods for side and tip resistance were evaluated. Observations 
regarding the evaluation of side resistance prediction methods are as follows: 
 Power functions overestimate side resistance when unconfined compressive 
strength is less than 40 ksf and underestimate side resistance when unconfined 
compressive strength is greater than 40 ksf. 
 Piecewise functions provide more accurate predictions than power functions; but 
they occasionally underestimate unit side resistance, which leads to an overly 
conservative design. 
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 Linear functions, with modifications suggested Chapter 9, are the most 
appropriate type of function, or equation, to predict unit side resistance in weak 
shales. Linear equations are simpler and easier to use than piecewise equations 
and are recommended for use to design drilled shafts in weak shales. 
 
Observations regarding tip resistance methods are as follow: 
 Tip resistance prediction methods tend to underestimate tip resistance. 
 Tip resistance methods assume a predetermined tip displacement, and thus the 
serviceability of the drilled shafts and bridge cannot be determined. This also 
leads to designs where strain compatibility does not exist between side and tip 
resistance. 
 Many tip resistance prediction methods ignore the contribution of embedment 
depth to bearing capacity. 
 The load test database developed herein was used to develop a design method that 
accounts for tip displacement, embedment depth, and unconfined compressive 
strength. This new method allows the user to include allowable settlement and 





CHAPTER 6 MODIFIED STANDARD PENETRATION TESTING  
6.1 INTRODUCTION 
The geotechnical design of deep foundations in weak shales requires knowledge of 
the strength and compressibility properties of the foundation material.  Typical deep 
foundation design methods are based upon correlations with laboratory compression tests on 
intact rock core samples. For example, Stark et. al. (2013), Abu-Hejleh and Attwooll (2005), 
Hassan and O’Neill (1997) Kulhawy and Phoon (1993), among others, suggest utilizing the 
unconfined compressive strength (qu) of the intact rock to estimate drilled shaft side and tip 
resistance. However, recovery of high quality core samples of weak shales for laboratory 
testing is often problematic. Figure 6.1&6.2 show the quality of the weak shale cores 
recovered during this study. As shown in the two figures, the retrieved cores come up, in 
most of the cases, partially to completely fractured due to the presence of inherent secondary 
structures in such geomaterials (i.e. fissures, weak bedding planes, etc.). 
 
 





Figure 6.2 Weak shale cores recovered from the Bl-55 over Salt Creek, Logan, Illinois 
In such conditions, reliance on in situ tests to quantify the compressive strength and 
compressibility of the foundation material is desirable. From the different methods of in situ 
tests currently available, the Standard Penetration Test (SPT) (ASTM D1586-11 or AASHTO 
T 206-09) remains the most widely used by geotechnical engineers for assessment of in situ 
properties for deep foundation design. However, the full 45 cm (18 inches) of penetration 
required to measure an N-value (number of blows to drive split- spoon sampler the last 30 
cm), can be difficult or impossible to obtain in weak rocks. To limit overstressing and 
damage to a split-spoon sampler, the ASTM and AASHTO test standards permit the 
penetration of a sampler to be halted under the following conditions: 
1. A total of 50 blows have been applied during any one of the three 6 inch (0.15 
m) increments, 
2. A total of 100 blows have been applied, and 
3. There is no observed advance of the sampler during the application of 10 
successive blows 
SPTs conducted in this study, for twenty-one (21) Illinois Department of 
Transportation (IDOT) bridge sites underlain by weak shales typically exhibits penetrations 
of the split-spoon sampler of only 15 to 30 cm (6 to 12 inches) after 100 blows of an 
automatic trip hammer weighing 63.5 kg (140 lbs) with a drop distance of 76 cm (30 inches) 
(Figure 6.3). This is problematic because it limits the correlated material strength to 
conservative values for foundation design by having less than 45 cm of penetration. Using 
these lower bound strengths may lead to conservative and more costly foundation designs. To 
96 
expand the range of strengths interpreted from SPT results in weak shales, the SPT procedure 
was modified herein to record penetration data in 10 blow increments and correlate it to 
unconfined compressive strength and undrained Young’s modulus of weak shales. 
 
Figure 6.3 SPT penetration after 100 hammer blows versus qu for Illinois weak shales 
 
6.2 EXISTING CORRELATIONS  
Previous investigators studied the possibility of a correlation between the undrained 
shear strength and the SPT N-values for stiff clays and weak/weak fine-grained rocks (i.e. 
mudstones, claystones, and shales). This section of the chapter briefly reviews the existing 
empirical correlations for such geomaterials. 
6.2.1 Stroud (1974) 
Stroud (1974) analyzed the SPT data performed at 24 sites in London, United 
Kingdom. The SPTs were performed at frequent intervals in London clay down to a 
maximum depth of 50 meters. The clays investigated are stiff to hard fissured clays with 
plasticity indices between 25 and 60%.  For each SPT the number of blows required to 
penetrate 6 successive intervals of 7.5 cm were counted and the last 4 intervals were used to 
give N-value. In hard grounds, where the 45 cm was not achieved, the test was stopped at 
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100 blows and actual penetration was noted. The number of blows for the full penetration 
was then obtained by extrapolation. Undisturbed 102 mm diameter samples were also 
retrieved and tested in a undrained unconsolidated triaxial compression to measure undrained 
shear strength (Su). Stroud (1974) then correlated the SPT results with the laboratory 
measured Su. Stroud (1974) concludes that N-value and the results of unconsolidated 
undrained triaxial compression tests on 102 mm specimens can be related and the correlation 
is independent of depth and fissure spacing up to 200 mm. Stroud (1974) shows that the Su 
values derived from N-value exhibits less scatter than those obtained from sampling and 
triaxial testing. This data also indicates that the correlation between Su and the SPT N values 
is slightly dependent on the plasticity indices of the stiff or hard clays. The Stroud (1974) 
correlation is: 
Su/Pa 0.0  N                         PI > 25
 (6.1) 
Su/Pa 0.06 N                         PI < 25
 (6.2) 
6.2.2 Hara et al. (1974) 
Hara et al. (1974) propose a correlation between the SPT N-values and the undrained 
shear strength obtained from unconsolidated-undrained (UU) triaxial compression tests. The 
correlation is based on data collected from 25 cohesive soils sites in Japan with plasticity 
indices of 10 to 95% and qu values between 0.05 MPa (1.05 ksf) and 0.9 MPa (18.8 ksf). For 
these data, the correlation by Hara et al. (1974) is:  
 
 Su/Pa 0. 9 N
0.7  (6.3) 
6.2.3 Sowers. (1979) 
Sowers (1979) proposes a correlation between SPT N-value and the undrained shear 
strength (Su) for fine-grained soils with different plasticity. The correlations suggested by 
Sowers (1979) are:  
 
For clays with high plasticity                                            Su/Pa  (0.096 to 0.17)   N                         
 (6.4)
For clays with medium plasticity                                      Su/Pa  (0.0 8 to 0.96)  N                         
 (6.5)
For clays with low plasticity and clayey silts                    Su/Pa  (0.0   to 0. 8)  N                          (6.6) 
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6.2.4 Abu-Hejleh et al. (2003) 
Abu-Hejleh et al. (2003) propose a correlation between qu for “soil like” claystone in 
Colorado and the corresponding SPT N-values. The strength of the claystone was obtained 
from unconfined compression (UC) tests on 63.5 mm (2.5 in) diameter specimens.  The 
resulting qu range from 0.4 MPa (8.3 ksf) to 0.8 MPa (16.8 ksf) and the recorded SPT N-
values are in the range of 32 to 61 blows/30 cm.  Several SPTs were conducted at the four 
sites, but only four tests from one site achieved the required penetration of 45 cm and were 
used to create the empirical correlation. Additionally, the qu for one of the four tests used to 
create the correlation was estimated using pressuremeter (PMT) test results. Abu-Hejleh et 
al. (2003) show the ratio of qu to SPT N-value is about 11.5 kPa (0.24 ksf) and recommend 
this correlation for situations where laboratory triaxial compression test data is not available.  
Finally, Abu-Hejleh et al. (2003) suggest a modification to the traditional SPT 
procedure to suit the penetration measurements observed in claystones and sandstones. Abu-
Hejleh (2003) recommends omitting the 15 cm seating requirement in a traditional SPT and 
applying instead 12 blows to seat the sampler. The sampler is then driven into the ground to a 
penetration of 30 cm or to a maximum blow counts 100 blows   If, the required 30 cm of 
penetration is not achieved after 100 blows, the measured penetration is recorded and an 
equivalent N-value is extrapolated.  
6.3 LIMITATIONS OF STANDARD PENETRATION TEST IN WEAK SHALES 
Design of drilled shafts socketed in weak shales requires an estimate of the 
unconfined compressive strength and undrained Young’s modulus to estimate the side and tip 
resistances. This is usually accomplished using an extensive subsurface investigation that 
involves rock coring and laboratory triaxial compression testing to measure qu and Eu. 
Because of the difficulties involved in coring such weak geomaterials, the use of SPT to 
estimate qu is proposed herein. However, SPTs conducted in weak shales and other weak 
rocks show cumulative penetrations of less than the required 45 cm (18 in). For example, the 
SPTs conducted by Abu-Hejleh et al. (2003) in sandy claystones (RQD of 80 to 100% and qu, 
of 2.0 MPa to 3.0 MPa) show the measured penetration for 50 blows is in the range of 10 cm. 
In hard clayey sandstone (RQD of 80 to 100% and qu, of 4.6 to 14.0 MPa) Abu-Hejleh et al. 
(2003) measured a penetration of only 7.5 to 15.0 cm for 50 to100 hammer blows. SPTs by 
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Miller (2003) in Missouri shale (qu, of 0.5 to 1.0 MPa) show that 50 to 100 blows were 
required for 7.5 to 15 cm of sampler penetration. SPTs conducted during this study in weak 
Pennsylvanian shales from 21 IDOT bridge sites recorded cumulative penetration that is 
generally less than 30 cm.  Figure 6.3 shows SPT measured penetration after 100 blows 
conducted versus unconfined compressive strength of the weak shales. Figure 6.3 shows the 
split-spoon sampler penetration was generally less than 30 cm (12 in) for 100 blows and that 
penetration at 100 blow counts decreases to about 13 cm (5 in) as the rock qu increases. 
Figure 6.3 confirms that achieving 45 cm (18 in) of penetration in weak shales is difficult, if 
not impossible, to achieve in these geomaterials. In summary, SPT procedures are not 
suitable for weak shales or weak rocks because the first requirement of this test, i.e., 45 cm of 
sampler penetration, is not achieved for the range of unconfined compressive strength (0.5 
MPa to 5.0 MPa or 10 to 100 ksf) that is commonly encountered in these geomaterials. 
Therefore, judgment is required to interpret the results of SPTs in weak shales, which 
increases the level of uncertainty in the correlations between SPT N-value and qu and/or Eu   
of weak shales for drilled shaft design of foundations. As a result, the procedure for 
conducting and interpreting the SPT was modified herein to overcome its limitations in weak 
shales. This new procedure is termed the Modified Standard Penetration Test (MSPT). This 
is important because obtaining and testing high quality specimens of weak shales in triaxial 
compression is difficult because of the low RQD in a fractured rock mass.  For the reasons 
mentioned above, a correlation between SPT results and weak shales is desirable because it 
provides a convenient tool for estimating strength and compressibility parameters that are 
required for drilled shaft design.  
It is important to note that the concept of modifying the SPT to be used for estimating 
the compressive strength of weak shales was firstly introduced in a preliminary study by 
Stark et al. (2013) and it is not the author contribution. However, this preliminary study 
involved very limited penetration measurements data in weak shales.  In this dissertation, the 
writer included/investigated 21 sites where weak shales are present. The procedure was 
further enhanced based on these measurements. Moreover, correlations between penetration 
rate and the undrained modulus and unconfined compressive strength are also developed.    
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6.4 MODIFIED STANDARD PENETRATION TEST 
The MSPT is based on a new defined parameter termed the Penetration Rate (Nrate) 
which utilizes penetration per 10 blows instead of number of blows per 30 cm (foot).  The 
Penetration rate is defined as the inverse of the slope of the linear portion of a penetration 
versus cumulative blow counts relationship (see Figure 6.4). The results of MSPTs conducted 
for twenty-one (21) Illinois Department of Transportation (IDOT) bridge sites underlain by 
weak shales show that Nrate generally approaches a constant value after 40 to 60 blows and it 
remains constant regardless of the achieved penetration. This is likely due to the split-spoon 
sampler passing through the disturbed material at the bottom of the boring and reaching 
intact/undisturbed material below after 40 to 60 blows. Therefore, the rate of penetration can 
provide a means of evaluating the strength and compressibility of the material beyond the 
current SPT procedure terminating criteria. The MSPT is stopped after 100 blows regardless 
of the depth of penetration. 
 
6.4.1 MSPT PROCEDURE 
The MSPT procedure is simple and similar in many respects to the SPT (ASTM 
D1586-11 or AASHTO T 206-09). The equipment used in the MSPT is the same as that used 
in SPT but the blow counts and penetration data are collected differently. At each MSPT 
elevation or depth, the split-spoon sampler penetration is measured at the end of ten (10) 
blows of a 63.5 kg (140 lbs) hammer falling 76 cm (30 inches) using a measuring device, 
such as a stick ruler. This measurement is repeated 10 times for a total of 100 blow and then 
the test is stopped. MSPT results show an approximately linear slope, which is often 
achieved after 40 to 60 blow counts for the weak shales tested herein with an unconfined 
compressive strength in the range of 0.5 to 5.0 MPa.  
 
Figure 6.4 shows an example of the penetration versus blow count relationship 
measured in weak shales at CH-9 over I-74 bridge site. Figure 6.4 shows the initial and linear 
slopes of the blow count versus penetration relationship from that specific MSPT. The initial 
slope is associated with disturbed and loose material or cuttings at the bottom of the borehole 
and the tip of the split-spoon sampler of the MSPT. The initial slope is not representative of 
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the compressive strength or compressibility of the intact/undisturbed weak shales and thus is 
not used for the correlations developed herein. The secondary slope is typically more linear 
and representative of the intact material of the weak shales. The procedure for obtaining the 
penetration rate is outlined below:  
 
1. Drill to the desired depth of the MSPT, insert the MSPT split-spoon sampler (see 
Note 1) and necessary drill rod,  
2. Considering the length of drill rod exposed above the casing, choose and mark a 
convenient point on the drill rod at which depth of penetration measurements will be 
taken using a measuring device, e.g., a stick ruler.  This convenient point could be the 
bottom of the anvil or a drill rod joint. 
3. Measure the initial distance of the drill rod segment between the top of the hollow 
stem auger or borehole casing and the point chosen in Step 2. 
4. Apply 10 blows to the top of the drill rod using a 63.5 kg hammer falling 76 cm, 
measure and record the new distance between the top of the hollow stem auger casing 
and the point chosen in Step 2.  This can be accomplished by stopping the test or by 
using a stick ruler that is inserted into this length and read between the 10
th
 and 11th 
blows of this sequence. 
5. Measure and record the new distance between the top of the hollow stem auger casing 
and the point chosen in Step 2 before the 11
th
 blow of this sequence, 
6. Repeat Steps 2 through 5 to obtain the sampler penetration for the 20-, 30-, 40-, 50-, 
60-, 70-, 80-, 90-, and 100-blow count increments.   
7. Obtain the SPT hammer energy rating from the driller for analyzing the MSPT 
results. 
 
Note 1:  
The split-spoon sampler and the driving shoe shall be in a good to new condition and must 
be replaced if it is dented or distorted.  The opening of the driving shoe should be confirmed 
with a #11 rebar to ensure the opening is circular and 1 3/8 inches (34.9 cm) in diameter and 




Figure 6.4 Measured MSPT cumulative penetration versus cumulative blow counts plot for 
CH-9 over I-74, Knoxville, Illinois  
6.4.2 MSPT ANALYSIS PROCEDURE 
The procedure for determining Nrate from the relationship of penetration depth versus 
MSPT blow counts is shown in Figure 6.5 and is outlined below: 
 
1. Using the data obtained from a MSPT, plot the cumulative penetration versus 
cumulative blow count. 
2. Determine the range of the linear portion of the resulting cumulative penetration 
versus cumulative MSPT blow count plot relationship.  
3. Draw the best fit line through the linear portion of the cumulative penetration versus 
MSPT blow count plot. 
4. Determine the slope of the best fit line, which is the Secondary Slope. 
5. Nrate is the inverse of the linear Slope obtained in Step 3 and is defined as: 
 
 
      (
                           
                        





Figure 6.5 Estimate of penetration rate from MSPT penetration versus blow counts 
relationship 
6.4.3 IRREGULAR CUMULATIVE PENETRATION RATES ANALYSIS 
Cumulative penetration versus cumulative blow count relationships may contain two 
or more linear portions (see Figure 6.6). Irregular plots indicate the sampler has entered a 
different stratigraphic layer or encountered a gravel or cobble particle.  Thus, rock and/or soil 
material present in the split-spoon sampler from a MSPT should be carefully inspected to 
document any changes in material type or presence of a gravel or cobble particle, which will 
assist in understanding aberrant trends in the data when it is plotted.  Irregular cumulative 
penetration versus cumulative blow count relationships can be conservatively interpreted by 
using the linear slope that yields the lowest value of Nrate or by taking the average slope 




Figure 6.6 Irregular MSPT cumulative penetration versus cumulative penetration blow 
counts plot for Illinois weak shale  
6.4.4 MSPT PENETRATION RATE CORRECTION 
As with blow counts obtained from traditional SPTs, the MSPT penetration rate 
should be corrected for the effect of hammer energy, borehole diameter, sampler liner, and 
drill rod length (see Table 6.1). If the MSPT blow counts and penetration rate are obtained 
using an automatic trip hammer, the results from this study indicate 75% to 95% of the 
theoretical maximum hammer energy is delivered to the drill rod. To minimize the MSPT 
blow counts corrections, an energy ratio of 90% shall be used because all of the drill rigs 
used during this study utilized an automatic trip hammer and imparted an average of 90% of 
the theoretical maximum hammer energy. Thus, MSPT Nrate values obtained using an 
automatic trip hammer, which is the most commonly used hammer in the united states, do 
not require significant corrections in comparison to the previously suggested energy 
correction factor for soils, i.e., 60% of the theoretical maximum hammer energy. A 
normalized penetration rate, (Nrate)90, was developed herein and is defined as follows for 
hammers that deliver 90% of theoretical maximum energy: 
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where: 
(Nrate)90 = Nrate corrected for 90% of the theoretical energy and various field procedures 
EM = hammer efficiency 
CB = borehole diameter correction 
CS = sampler correction  
CR = rod length correction, and  
Nrate = measured penetration rate 
Table 6.1 shows the recommended borehole diameter, rod length, and sampler 
correction factors from Skempton (1986). If the hammer does not yield 90% of the 
theoretical maximum hammer energy, the measured hammer energy should be inserted for 
EM in the equation above to normalize the measured Nrate to 90% of the theoretical maximum 
hammer energy. The sampler correction assumes that liners will be installed in the split-
spoon sampler to be consistent with Skempton (1986) even though the practice now is to not 
use liners. 
Table 6.1: Nrate Correction factors after Skempton (1986) 
Effect Variable Term Value 
Borehole diameter 








Smooth sampler (or with 
liners) 






30 – 100 ft 
20 – 30 ft 
13 – 20 ft 







6.5 FIELD AND LABORATORY TESTS 
The concept of the MSPT was firstly introduced in Stark et. al (2013) and further 
enhanced/verified herein. Twenty-one (21) IDOT bridge sites were investigated herein where 
weak Pennsylvanian shales are present and exhibits unconfined compressive strength 
between 0.5 to 5.0 MPa. The main purpose of these investigation was to develop correlations 
between the MSPT penetration rate and the unconfined compressive strength and MSPT 
penetration rate and the undrained Young’s modulus of weak Pennsylvanian. The subsurface 
investigation at each IDOT site included at least two borings. The first boring was used to 
obtain weak shale core samples for determination of the unconfined compressive strength 
and undrained Young’s modulus for the weak shales. Shale cores were typically retrieved 
using a 1.5 and/or 3.0 meters long NQ2 or NWD4 size (5.08 cm. internal diameter) core bit 
with a split double-tube, swivel-type core barrel to decrease sample disturbance during core 
removal. This type of core barrel is preferred and/or required because it minimizes exposure 
of the cored shale to the drilling fluid; and it allows easy examination and extraction of the 
shale cores, which improves the quality and integrity of the shale for laboratory strength 
testing. Solid core barrels were initially used in a couple of sites and yielded unsatisfactory 
results as the shales cores swelled/stuck inside the barrel and hence most of the cores got 
damaged.      
Shale cores were first examined in the field to calculate the rock quality designation 
(RQD) (Deere and Deere 1988) of the core, total core recovery (TCR) of the rock mass, and 
vertical spacing of joints and fractures. The shale cores were placed in a piece of half-circle, 
white PVC plastic pipe after extrusion from the double-core barrel, to support the cores and 
minimize mechanical breakage during handling and transportation of the cores. A piece of 
thick, nonwoven geotextile was placed on the PVC pipe to provide some cushioning to the 
bottom of the core. After placing the cores on the PVC pipe, the cores and plastic trays were 
wrapped with several layers of plastic wrap and duct tape to maintain the field-moisture 
content. The sealed cores were transported to the University of Illinois at Urbana–Champaign 
(UIUC) at the end of drilling that day and tested within 24 hours of arrival to measure the 
unconfined compressive strength and undrained modulus at or near the field-moisture 
content. 
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A second boring was drilled, usually 1 to 2 meters from the first boring at each site, to 
obtain MSPT penetration rates at various depths. These MSPTs were performed in 
accordance with the procedure outlined above. Measurement of the MSPT penetration rate 
was performed using automatic hammers. Split-spoon samplers without liners were used to 
eliminate overestimation of the measured penetration rate, which could be as large as 30% 
due to the additional friction. Table 6.2 summarizes the rock formations, shale type, and a 
brief description of the shales that were encountered at each of the 21 IDOT bridge sites 
investigated here. Figure 6.7 shows a state of Illinois map that illustrates the areas of weak 
shales and the location of the 21 shale sites drilled during both phases of this project. Each 
color code presents the percentage of weak shales in the sedimentary rock formation shown 
on the map. The shale map is based on the distribution and extent of geologic units within the 
state of Illinois (Willman et al, 1967; and ISGS 1996). In-situ and laboratory results for the 
21 IDOT bridge sites are presented in Appendices A through Q. 
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Figure 6.7 State of Illinois map showing areas of weak shales and the location of the 21 shale 
sites drilled during this project
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Table 6.2  Geology of IDOT Bridge Sites Used for MSPTs 
Bridge Site Location 
Major Rock 
Formation 
Rock Type Rock Description 
IL 23 over Short Point Creek Cornell Modesto Pennsylvanian Shale 
Gray-to-green shale with occasional 
limestone and coal inclusions 
US 24 over the Lamoine 
River 
Ripley Carbondale Pennsylvanian Shale Hard gray shales 
FAI80 over Aux Sable Creek Minooka Carbondale Pennsylvanian Shale Dark gray shale with sandstone 
FAU 6265 over Illinois Marseilles Carbondale Pennsylvanian Shale Dark gray shale and mudstones 
IL 5 over IL 84 Silvis 
Abbott and Middle 
Devonian 
Pennsylvanian Shale 
Dark gray shale with lamination of 
sandstone 
IL 89 over Illinois River Spring Valley Modesto Pennsylvanian Shale 
Dark gray shales with occasional 
limestone inclusions 
CH-9 over I-74 Knoxville Carbondale Pennsylvanian Shale 
Dark gray shales with traces of 
oxidized sand 
IL 133 over Embarrass River Oakland Modesto Pennsylvanian Shale Light to dark gray sandy shale 
I-55 over Des Plaines River Channahon Spoon Pennsylvanian Shale Gray argillaceous shale 
Eldamain Road over Fox 
River 
Yorkville Maquoketa Pennsylvanian Shale 
Gray, sandy, slightly argillaceous 
shale 
TR 355 over Seminary Creek Flora Mattoon Pennsylvanian Shale Weathered, gray argillaceous shale 
TR 325 over Elm Creek Flora Mattoon Pennsylvanian Shale Gray calcareous shale 
CH 10 over Buck Creek Flora Mattoon Pennsylvanian Shale Weathered, gray argillaceous shale 
US 24 over Big Sister Creek Little America Spoon Pennsylvanian Shale 
Gray, silty shale with occasional coal 
inclusions 
US 24 over Little Sister Creek Little America Spoon Pennsylvanian Shale 
Gray, silty shale with occasional coal 
inclusions 
US 150 over Little Vermillion 
River 
George town Modesto Pennsylvanian Shale Gray, slightly micaceous, silty shale 
BL55 over Salt Creek Lincoln Modesto Pennsylvanian Shale Light gray argillaceous shale 
IL 108 over Macoupin Creek Carlinville Bond Pennsylvanian Shale 
Dark gray argillaceous shale 
interbedded with seams of poorly 
indurated limestone 
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Table 6.2 (continued)   
 
Bridge Site Location 
Major Rock 
Formation 
Rock Type Rock Description 
IL 160 over Silver Creek Grant fork Modesto Pennsylvanian Shale Light gray argillaceous shale  
IL 23 over Otter Creek Streator Carbondale Pennsylvanian Shale Gray calcareous shale 
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6.6 LABORATORY TESTING 
6.6.1 INDEX PROPERTIES OF THE NATURAL SHALE DEPOISTS 
Atterberg’s limits and the clay size fraction (CF)  ere measured in this study together 
with the in situ water content. Atterberg’s limit and clay size fraction were used to evaluate 
the shale mineralogical composition. Since the degree of shale induration is expected to have 
a significant influence on the Atterberg’s limit measurement and the clay size fraction 
(percent < 2 microns) it was decided to use ball-milling process to ensure maximum 
disaggregation. No chemical dispersing agents except for the sodium-hexametaphosphate 
solution used in the hydrometer analysis to decrease particle interaction during sedimentation 
process. The weak shale specimens were air-dried at room temperature (20
0
 C) and ball-
milled until all the material passed sieve # 40 U.S. standard sieve. The pulverized shale was 
thoroughly rehydrated using distilled water. The samples were then allowed to temper for 24 
to 48 hrs. This procedure was used for preparing all the samples used for measurement of 
liquid limit, plastic limit and the clay size fraction. Reliance on air-drying during this process 
was deemed appropriate since the irreversible dehydration due to presence of organic matter 
was expected to be negligible. Index properties of the natural weak shale deposits studied 
here are summarized in Table 6.3. Figure 6.8 shows the activity values of the weak shales. 
The same figure shows the approximate limits for the activities of different clay minerals 
based on the work of Skempton 1953. The low activity values in Table 6.3 and shown in 
Figure 6.8 suggest that the weak shales are composed mainly of Illites and Kaolinites which 
is in agreement with the early studies conducted by Grim et al. (1953) on Pennsylvanian 




Figure 6.8 Measured activities for Weak Pennsylvanian Shales in Illinois.  
6.6.2 COMPRESSIVE STRENGTH OF WEAK SHALES 
Strain-controlled unconfined compression tests and unconsolidated-undrained triaxial 
compression tests (UU) were performed on the weak shale cores in accordance with ASTM 
D7012–14. An axial strain rate of 1% per minute was used in all compression tests to create 
an undrained shear condition. The tests were conducted on 50mm (2-icnhes) in diameter 
specimen to determine the undrained modulus as well as the undrained compressive strength. 
A height-to-diameter ratio of 2 to 1 was used for the weak shale cores to minimize end 
effects. The maximum stress difference was used to determine the compressive strength of 
weak shales.  Weak shales obtained in this study are often fragile and can easily break on 
existing joints/laminations during handling and/or specimen trimming (see Figure 6.1 & 6.2). 
To reduce core fracture during specimen preparation, a steel cradle was manufactured with a 
machined semi-circle slot that match the diameter of the weak shale cores. This cradle was 
used to carry the cores while trimming the ends of the specimen. The mitering of the 
specimen ends was initially accomplished using a circular table saw, and then a 15.2 cm (6 
inches) long surgical razor blade. Base and top platens for the triaxial compression apparatus 
were also fabricated so they matched the diameter of the shale cores. Typical stress strain 
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curves for confined and unconfined compressive tests are shown in Figure 6.9 and Figure 
6.10. Young’s modulus  as calculated from the slope of the stress-strain relationship at 50 
percent of the measured maximum compressive strength. |As shown from Figure 6.9 and 
Figure 6.10 the application of confining pressures has a significant effect on the undrained 
modulus and undrained compressive strength. This is due to the premature failure that may 
occur along existing fissures/joints in weak shales. Therefore, the use of the unconfined 
compression test may underestimate the strength and compressibility parameters used in the 
design. Comparison of the measured unconfined compressive strength and UU compressive 
strength suggest that measured compressive strength from an unconfined compression test is 
approximately 20 to 30 % less than that measured in UU triaxial compression tests.  
Table 6.3 Index properties of the weak Pennsylvanian shale deposits 
Shale Site LL(%) PL(%) PI (%) CF(%) Ac (%) 
US 24 over Little Sister Creek 25-46 17-24 6-22 17 0.35-1.3 
US 24 over Big Sister Creek 26-41 19-23 6-20 27 0.2-0.74 
El Damain Road over Fox River 26-50 15-29 8-24 29.7 0.27-0.8 
I-55 over Des Plaines River 22-45 15-22 6-25 39.8 0.15-0.63 
IL-133 over Embarras River 27-30 19 8-11 29.1 0.27-0.38 
IL 23 over Otter Creek - - - - - 
TR 355 over Seminary Creek 26-40 19-22 6-19 23.3 0.26-0.82 
TR 325 over Elm Creek 35-37 23 12-14 25 0.48-0.55 
CH-10 over Buck Creek 20-35 18-24 8-12 20 0.5-0.75 
CH-9 over I-74 27-31 18.5-22 19-22 - - 
IL 108 over Macoupin Creek 27-41 19-22 4-21 35 0.1-0.6 
BL 55 over Salt Creek 25-36 18-23 5-15 32 0.15-0.47 
IL 89 over Illinois River 24-53 16-30 5-29 20.7 0.26-1.4 
South of Pawnee bridge 37-46 23-30 11-17 41.6 0.26-0.4 
IL 160 over Silver Creek 43-48 25-28 18-20 39.7 0.45-0.5 
US 150 over Little Vermillion River  31-38 19-23 9-11 21 0.38-0.81 
IL 23 over Short Point Creek 26-44 19-27 6-18 - - 
US 24 over Lamoine River 37-43 21-24 16-20 - - 
FAI 80 over Aux Sable Creek 39-41 21-24 15-17 - - 
IL 5 over IL 84 42-46 22-31 11-21 - - 




Figure 6.9 Stress-strain relationship from unconfined compression tests (UC)  and 
unconsolidated undrained tests (UU) on weak clay shales from IL 23 over short point creek, 
IL  (Samples collected at depth of 8.3 and 8.5 m) 
 
Figure 6.10 Stress-strain relationship from unconfined compression tests (UC)  and 
unconsolidated undrained tests (UU) on weak clay shales from IL 23 over short point creek, 
IL  (Samples collected at depth of 9.6  and 9.7 m) 
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6.6.3 UNCONFIED COMPRESSIVE STRENGTH TO UNDRAINED MODULUS 
RATIO.  
Deere and Miller (1966) and Hendron et al. (1970) among others suggest that the 
undrained strength and the undrained modulus are related. Figure 6.11 is a plot of the 
undrained Young’s modulus versus the unconfined compressive strength for the weak 
Pennsylvanian shale sites investigated in this study and shows that the two parameters are 
strongly related. Figure 6.11 shows that the average ratio of the undrained modulus to the 
unconfined compressive strength (Eu/qu) is 40:1. This ratio is slightly lower than that reported 
by Mesri & Gibala (1971) on Pennsylvanian shales. As expected the Eu/qu ratio is effected by 
the in situ moisture content as shown in Figure 6.12. In situ water content of the weak shale 
specimens was measured in accordance with ASTM D2216-10. Figure 6.12 shows that there 
is a great scatter in the targeted ratio and it can range from 120:1 to 20:1.   
 
 
Figure 6.11  Undrained Young’s modulus versus unconfined compressive strength for weak 
Pennsylvanian shales of Illinois  
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Figure 6.12 Relationship bet een in situ  ater content and undrained Young’s modulus to 
compressive strength ratio for weak Pennsylvanian shales in Illinois. 
Figure 6.13 shows results of unconfined triaxial compression tests on Illinois weak 
shale specimens and sho s the Young’s modulus increases rapidly  ith deceasing in situ 
water content. The proposed relationships shown in Figure 6.12 can be used to estimate the 
undrained Young’s moduli of weak shales when site-specific triaxial compression test results 
are not available. This relationship can be used for preliminary settlement analyses of bridge 
piers founded on weak shales. Young’s modulus and the undrained compressive strength of 
shales are sensitive to moisture content, as shown in Figure 6.12 & 6.13. Therefore, it is 
important to preserve the shale cores at the in situ moisture content and test the cores as soon 
as possible for a reliable measurement of unconfined compressive strength and undrained 
modulus, for correlations with the MSPT penetration rate 
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Figure 6.13 Relationship bet een in situ  ater content and undrained Young’s modulus for 
shales in Illinois. 
6.7 SPT HAMMER-ENERGY MEASUREMENTS 
The SPT hammer energy used to measure penetration rate can vary from 40 to 100% 
of the maximum theoretical energy of a 140-lb weight falling 30 in. The wide variation in the 
transferred energy can cause inconsistent measurements of the MSPT penetration rate, which 
can undermine the targeted correlation. This inconsistency can lead to inaccurate values of qu 
or Eu . Therefore, an energy correction must be developed and applied to the MSPT 
penetration rate to improve the reliability of the correlation, as is done for blow counts in 
soils where they are corrected to 60% of the maximum theoretical energy. In general, a 
higher energy results in a lower MSPT penetration rate, a lower qu or Eu, and thus a more 
conservative drilled-shaft design. Thus, it was important that the energy used to measure 
penetration rate be measured and/or obtained for each drill rig used in this study, to develop 
this energy-based correlations between qu and Eu and the measured penetration rate so 
designers can enter the correlation with a similar magnitude of MSPT energy to obtain an 
reliable estimate of the strength and compressibility parameters. 
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The SPT hammer energy for all IDOT drill rigs used in this study were measured by 
the writer. The tests were performed using an instrumented AW-J rod and a dynamic pile 
analyzer. Dynamic measurements were obtained using pairs of strain transducers and 
accelerometers mounted about 0.3 m from the top of the drill rod. Measurements from the 
gauges were processed using the pile-driving analyzer (PDA), manufactured by Pile 
Dynamics, Inc. Table 6.4 summarizes the SPT hammer-energy efficiencies for all of the 
operational IDOT drill rigs, together with the reported energies of the private drilling 
companies’ drill rigs used in this study. Detailed SPT hammer-energy measurements and 
results for all of the IDOT drill rigs are presented in Appendix V.  
 
Table 6.4 Summary of the SPT Hammer Energies for all Drill Rigs Used in This Study 










District 7 CME-55 97.5 
Wang Engineering 
Mobile B-57 100 
D-50 TMR 78 
Bulldog Drilling CME-550x 94 
Geocon D-120 77 
TSi Engineering CME-550x 92 
 
The results from this study indicate that 75 to 100% of the theoretical maximum 
hammer energy was delivered to the drill rod by the automatic hammers used herein. 
Because automatic hammers are now being widely used, an energy ratio of 90% shall be used 
to correct NRate for all of the drill rigs used during this study. In short, all of the drill rigs used 
119 
during this study utilized an automatic trip hammer that imparted an average of 90% of the 
theoretical maximum hammer energy. Thus, MSPT Nrate values obtained using an automatic 
trip hammer, which is the hammer most commonly used by IDOT, do not require significant 
corrections, in comparison to the previously suggested energy correction factor for soils, i.e., 
60% of the theoretical maximum hammer energy, which is primarily based on a rope-and-
pulley system.  
 
6.8 PROPOSED CORRELATIONS 
The MSPT provides a convenient means for estimating the in situ strength and 
compressibility of weak shales. Figure 6.14 shows the proposed relationship between the 
MSPT penetration rate, corrected for 90% of the theoretical energy and various field 
procedures (NRate)90, and qu of the weak shales tested herein. Figure 6.14 shows a linear 
relationship between (NRate)90 and the qu of the weak shales. Correlation between the 
normalized penetration rate and the undrained modulus is also shown in Figure 6.15. These 
correlations for estimating the qu and Eu of weak shales may reduce or eliminate the need for 
rock coring and subsequent laboratory testing that may be expensive, time-consuming, and 
problematic because of the fractured nature of weak shales. 
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Figure 6.14 shows the current line of best fit of the MSPT penetration rate and qu data 
for the of Illinois weak shales tested herein. The following equation is recommended to 
estimate the qu of weak shales, using the normalized MSPT penetration rate: 
 
   (kPa)    .             (6.2) 
where 
qu = Unconfined compressive strength, kPa 
(NRate)90 = MSPT penetration rate corrected for 90% of the theoretical energy and various 
field procedures, blows per 30 cm.  
 
Figure 6.14 also presents upper and lower bounds of the empirical correlation, which 
can be used to investigate the range of qu and thus drilled-shaft design. For less critical 
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structures, it may be possible to use the upper bound, while for vital structures the lower 
bound may be relevant. This correlation should only be used to estimate the qu values for 
geomaterials that have a qu of 0.5 to 5.0 MPa. For fine-grained soils with qu values lower 
than 0.5 MPa, previously published correlations (e.g. Stroud 1974) should be used. 
Differences in the compressive strength of the geomaterials and the procedures used to 
measure the blow count or penetration rate (Nspt and Nrate) are the reasons for the significant 
difference between previous correlations (e.g., Stroud 1974) and the correlation presented 
herein to estimate the qu. 
 
Figure 6.14 Relationship between qu and (NRate)90 from MSPTs at 21 IDOT bridge sites. 
Figure 6.14 shows the current line of best fit of the MSPT penetration rate and Eu data 
for the of Illinois weak shales tested herein. The following equation is recommended to 
estimate the Eu of weak shales, using the normalized MSPT penetration rate: 
 
   (MPa)   1 .7 x   
                 (6.3) 
where 
Eu = Undrained Young’s Modulus, MPa 
(NRate)90 = MSPT penetration rate corrected for 90% of the theoretical energy and various 




Figure 6.15 Relationship between Eu and (NRate)90 from MSPTs at 21 IDOT bridge sites 
6.9 CORRELATION BETWEEN NSPT AND NRATE 
Penetration data in weak shales collected during this study suggest that a possible 
correlation between the SPT-blow count (NSPT) and the MSPT penetration rate as shown in 
Figure 6.16. The following equation is recommended to estimate the penetration rate from 
the SPT-blow count   
 
      (bpf)    .0 x       (6.4) 
 
Equation 6.4 suggests that the proposed correlations in this study for estimating the 
compressive strength of weak shales is in a close agreement with the correlations proposed 
by Stroud (1974).   
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Figure 6.16. Relationship between NSPT and NRate 
6.10 MSPT APPLICABILITY 
The MSPT procedure is designed to be used in weak rocks and shales that exhibit 
unconfined compressive strength between 0.5 and 5.0 MPa. The test provides a means for 
estimating undrained shear strength and undrained modulus of such geomaterial as per the 
correlation developed herein. It is important to note that the proposed correlations are not 
suitable for strong cemented or indurated shales that have unconfined compressive strength 
larger than 5.0 MPa. Figure 6.17 shows the results penetration rates and the unconfined 
compressive strength for a number of strongly cemented shale (i.e. qu > 5.0 MPa) samples in 
relation to the proposed correlation for weak shales. As shown in Figure 6.17 the proposed 




Figure 6.17 Penetration rates of highly cemented shales  
6.11 WHEN TO USE THE MSPT  
The following two drilled shaft design scenarios are envisioned for the MSPT: (1) site 
with prior subsurface investigation and (2) new site with no existing subsurface data.  The 
following paragraphs describe how to use the MSPT for these two scenarios. 
 
6.11.1 PRIOR SUBSURFACE INVESTIGATION 
If boring logs are available from a previous site investigation, determine the range of 
UCS from the boring logs and reported testing.  If the qu is between 0.5 and 5.0 MPa, use the 
MSPT for these materials and rock coring is not required if the foundation will be founded in 
these geomaterials.  If the foundation will not be founded in these materials and the qu 
exceeds 100 ksf in the other materials, rock coring of the founding materials is needed to 
measure the qu for design purposes.  If the foundation will not be founded in these materials 
and the qu is less than 10 ksf in the other materials, traditional SPTs and soil testing of the 
founding materials is needed to measure the qu for drilled shaft design purposes. 
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6.11.2 NEW SITE WITH NO PRIOR SUBSURFACE INVESTIGATION 
If investigating a new site where no previous testing or borings logs are available, a 
boring should be initially drilled with traditional SPTs being conducted at a reasonable depth 
interval, e.g., every 0.75 to 1.5 m. Standard SPT sampling should be continued until a 
material with strengths typically in the range of 0.5 to 5.0 MPa, such as weak shale or other 
weak fine-grained rocks, are encountered, and/or the split-spoon sampler is unable to 
penetrate the full depth (45 cm) prior to termination. Under such conditions, the drilling crew 
should switch to rock coring using a double tube swivel type, split core barrel to decrease the 
exposure of the cored shale to the drilling fluid and maintain the strength and integrity of the 
shale for laboratory testing. The core barrel could have a diameter of 2.0 to 2.5 inches, e.g., 
NX or NQ-2 core barrel. 
Shale cores should be examined to identify the geologic description of the 
encountered shales. Fissure Spacing, Rock Quality Designation (RQD), and Total Core 
Recovery (TCR) should be measured. If the extracted shale cores are highly 
fragmented/broken that will prevent obtaining intact specimens for laboratory qu testing, 
MSPT should be conducted in a second borehole adjacent to the rock coring borehole to 
evaluate the qu of that layer. 
 
Where there are multiple borings to be drilled at a new project site, both rock coring 
and MSPT are recommended for the first boring to determine if the site materials are a 
candidate for the MSPT and to have a visual sample of the materials for contracting 
purposes.  If the rock core or split-spoon sample exhibits an qu between 0.5 and 5.0 MPa via 
visual inspection, e.g.., weak and/or highly fractured, or using a field Rimac device, proceed 
with MSPTs and further rock coring may not be needed at the other boring sites. MSPTs 
should be conducted at a reasonable depth interval, e.g., every 0.75 to 1.5 m. At any MSPT 
borehole, if the measured penetration for the last 40 blows is less than 0.5 inches (1.3 cm) , 
the drilling crew should stop the MSPT testing and switch to rock coring because the qu 





6.12 CASE STUDIES   
In this section of the chapter, the results of MSPT penetration rates and the laboratory 
measured unconfined compressive strength from CH-28 over the Horse Creek weak shale 
site investigated during this study is presented as an example to illustrate the concept of the 
MSPT in weak shales. Details of the in situ and laboratory tests of the rest of the 21 shale 
sites investigated herein are presented in Appendices A to Q.   
 
6.12.1 CH-28 OVER THE HORSE CREEK  
Figure 6.18 shows location of CH-28 over the Horse creek, located in Sangamon 
County, just South the city of Pawnee, Illinois. This 4-span bridge structure carries a two-
lane highway over the Horse Creek. The abutments and the 3 piers of this bridge are 
supported shallow foundations resting on the shallow sedimentary rocks (i.e. shales, 
limestones). The weak shales near the north abutment, was investigated during this study. 
 
 
Figure 6.18 Location of CH-28 over the Horse creek bridge site. 
Two borings were advanced near north abutment. These borings were drilled to an 
elevation of 545.0 feet. The first boring was used to obtain shale core samples. Initially rock 
cores were used for determination of recovery ratio, RQD of the rock mass, and vertical 
spacing of joints. Afterwards unconfined compression tests were conducted on the retrieved 
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weak shales specimens. The unconfined compression test results were also used to determine 
the deformability characteristics of shale under undrained loading conditions. The second 
boring was used to obtain MSPT blow counts at various depths.  
 
Modified Standard Penetration Test Results 
Figure 6.19 and Figure 6.20 shows the Modified Standard Penetration Test results 
obtained in one of the borings at CH28 over the Horse Creek River. The MSPT were 
conducted by IDOT CME 550x drill rig.  For this drill rig, the measured SPT hammer energy 
efficiency is 80.4 % of the maximum theoretical energy. 
 
 
Figure 6.19  Modified Standard Penetration Test results for weak shales in CH-28 over Horse 
Creek bridge (Depths from 6.5 to8.2)  
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Figure 6.20 Modified Standard Penetration Test results for weak shales in CH-28 over Horse 
Creek bridge (Depths from 8.2 to 11.9) 
Predicted versus Measured 
Figure 6.21 shows a comparison between the laboratory measured and MSPT 
predicted unconfined compressive strength and the laboratory measured and predicted 
undrained Young’s modulus. The comparison shows that the two targeted parameters could 
be reasonably estimated for weak shales using the modified version of the SPT. The 
developed correlations possess great advantage for situations where weak shales are highly 





Figure 6.21 Comparison between the predicted and measured unconfined compressive 
strength and undrained Young’s Modulus for CH-28 over Horse Creek weak shale site. 
6.13 SUMMARY  
In this chapter, the concept of the modified standard penetration test is introduced. 
The test is based on a new defined parameter termed the penetration rate (Nrate) which utilizes 
the penetration per 10 blows instead of the number of blows per foot (30 cm). An extensive 
subsurface investigation was conducted at several bridge sites where weak shales from the 
Pennsylvanian period are present. Some of the major findings of the subsurface investigation 
are listed below 
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 Laboratory results on weak Pennsylvanian shales indicated that unconfined 
compressive strength and the undrained Young’s modulus are related. The average 
ratio of the undrained moduli to unconfined compressive strength was 40:1. The ratio 
tend to slightly increase with decreasing in situ moisture content. 
 SPT hammer-energy measurements for all operational IDOT drill rigs and the ones 
used for MSPT penetration-rate measurements imparted an average of 90% of the 
theoretical maximum hammer energy. As a result, a normalized penetration rate, 
(NRate)90, was developed herein to improve the reliability and consistency of the 
proposed correlation between unconfined compressive strength and MSPT 
penetration rates. 
  Energy-based correlations between unconfined compressive strength and normalized 
MSPT penetration rate and undrained Young’s modulus and normalized penetration 
rates were developed and validated herein for Illinois weak Pennsylvanian shales. 
These correlations can be used with MSPT penetration rates for drilled-shaft design, 
especially when obtaining high-quality shale samples for triaxial compression testing 
is difficult or impossible. The use of MSPT penetration rates for drilled-shaft design 
should reduce the design time and costs by reducing or eliminating shale coring and 
laboratory triaxial compression testing by IDOT. 
 Undrained modulus was correlated with the in situ water content. This correlation can 
be used for estimating the modulus of shales for preliminary settlement analysis of 
bridge piers when site-specific data are not available or to evaluate site-specific data 





CHAPTER 7 FULL-SCALE FIELD LOAD TESTS 
 
7.1 INTRODUCTION 
Two Osterberg cell (O-cell) load tests were conducted during this study on drilled 
shafts socketed into weak clay shales at IDOT bridge sites. These two load tests were 
conducted at the IL 89 over Illinois River near Spring Valley, Illinois, and IL 133 over the 
Embarras River near Oakland, Illinois. The results of these load tests were used to investigate 
the load transfer mechanism in side and tip resistance. The results of the two O-cell load tests 
were also used to calibrate the finite-element numerical model developed for the parametric 
analysis to investigate the factors influencing the axial response weak-shale-socketed drilled 
shafts. Details of the subsurface investigation, test-shaft construction, O-cell testing 
arrangements, and testing-results interpretations for the two load tests are presented in this 
section. 
7.2  BRIDGE SITE AT IL 89 OVER THE ILLINOIS RIVER 
Figure 7.1 shows the location of the bridge site at IL 89 over the Illinois River, 
located in Putnam County, just south of Spring Valley, Illinois. The eight-span bridge 
structure carries a two-lane highway over the Illinois River and connects Putnam and Bureau 
counties via IL 89. The north and south abutments of the bridge, together with Piers 1, 6, and 
7 are supported on driven H-piles. Piers 2 to 5 are supported on drilled shafts socketed into 
the underlying sedimentary rocks.  
As a part of the geotechnical design of the proposed bridge foundations, a full-scale 
O-cell load test was conducted on a test shaft socketed into the underlying weak clay shale. 
The main objective of this test was to measure/evaluate the mobilized unit side and tip 
resistances that can be used in the drilled-shaft design. The O-cell load test was performed on 
a 5.0-ft-diameter and 71.5-ft-long test shaft adjacent to Pier 1. Figure 7.2 shows a plan view 




Figure 7.1 Location of bridge site at IL 89 over the Illinois River. 
 
Figure 7.2 Location of test shaft of bridge site at IL 89 over the Illinois River. 
Prior the test-shaft construction, four borings were advanced near the test shaft. Two 
of the four were drilled by McCleary Engineering, and the other two by the IDOT District 3 
drilling crew. The first two borings were used to obtain shale core samples. Initially, rock 
cores were used for determination of recovery ratio, rock quality designation (RQD) of the 
rock mass, and vertical spacing of joints and fractures in the shale. Afterwards, unconfined 
compression tests were conducted at UIUC on the retrieved weak shale specimens. The in 
situ moisture content of the shale specimens used in the unconfined compression tests were 
Location of the Test 
Shaft near Pier 1 
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also measured for correlation purposes. The unconfined compression test results were also 
used to determine the deformability characteristics of the shale under undrained loading 
conditions. The other two borings were used to obtain the MSPT penetration rate at various 
depths in the clay shale formation. The obtained penetration rate was then used to estimate 
the unconfined compressive strength of the weak shales, based on the correlation developed 
herein. The measured and estimated values of qu were compared to investigate the accuracy 
of the proposed penetration rate-qu and penetration rate -Eu correlation (see Section 6.8). 
 
7.2.1 SUBSURFACE CONDITIONS 
The subsurface profile at the test-shaft location consists of 10 ft of silty loam and clay 
underlain by 25 ft of a brown, stiff, silty clay layer. Below this layer is a medium-dense sand 
layer 7-ft thick, underlain by another 17.5-ft-thick brown, stiff, silty clay layer. Below these 
strata is a gray to dark gray, thinly bedded clay–shale formation. The ground-surface 
elevation at the test shaft is about +447.9 ft. The gray shale formation was encountered at an 
elevation of 390.4 ft. Figure 7.3 shows the idealized subsurface profile at the test-shaft 
location and the unconfined compressive strength profile developed for design of the test 
shaft.  
 
7.2.2 TEST-SHAFT CONSTRUCTION AND INSTRUMENTATION  
Illini Drilled Foundations, Inc., of Danville, Illinois, completed construction of the 
test shaft on November 5, 2014, under the direction supervision of the project team. The 5-ft-
diameter test shaft was excavated to a base elevation of +376.4 ft. The shaft was started by 
predrilling and installing a 72-in.-diameter temporary outer casing. Drilling of the shaft 
continued through an open hole under bentonite slurry until the tip of the shaft was several 
feet above the top of the shale. A 66-in. permanent casing was inserted and screwed into the 
stiff, silty clay layer above the shale. After the inner casing was screwed in, bentonite slurry 
was removed; and drilling continued into the clay shales. Before reaching the required tip 
elevation, the contractor pulled and removed the 72-in diameter temporary casing. An auger 
was used for drilling the shaft, and a cleanout bucket for cleaning the base of the shaft prior 
to placement of the reinforcing cage and concrete. After the shaft was approved for concrete 
placement, the reinforcing cage with the attached O-cell assembly was lowered into the 
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excavated shaft. Concrete was then delivered to the bottom of the shaft by a pump pipe into 
the base of the shaft until the top of the concrete reached the ground-surface elevation of 
+447.2 ft. 
The load-testing assembly consisted of a 26-in.-diameter O-cell located 2.0 ft above 
the tip of the shaft (i.e., at elevation = 378.4 ft). Four linear vibrating-wire displacement 
transducers (LVWDTs, Geokon model 4450 series) were installed between the upper and 
lower plates of the O-cell to measure its expansion during loading. Two vibrating-wire strain 
gauges (Geokon model 4911 series) were installed at four different elevations above the O-
cell (see Figure 7.3), to assess the mobilized unit side resistance along the drilled shaft. Two 
upper compression telltale casings were attached diametrically opposite each other on the 
reinforcing cage and extending from the top plate of the O-cell to the ground level to measure 
the upper compression displacements of the shaft. The top of the shaft displacement was 
monitored using two automated digital-survey levels (Leica NA3000 series). A Bourdon 
pressure gage, voltage pressure transducer, and vibrating-wire pressure transducer were used 
to measure the pressure applied to the O-cell at each load interval. To evaluate the integrity 
of the concrete in the test shaft, four cross-hole sonic logging (CSL) tubes with a diameter of 
2 in. were also installed along the full length of the test shaft and extended about 3 ft above 
the top of the test shaft.  
 
7.2.3  DATA ACQUISITION AND TESTING PROCEDURE  
All instrumentation was connected through a data logger (Data Electronics 515 
Geologger) to a laptop computer. The data logger recorded instrument readings every 30 
seconds during the test. The test was initiated by pressurizing the O-Cell at the bottom of the 
shaft to break the tack welds that held the upper and lower plates of the O-Cell together and 
to form a fracture plane in the concrete surrounding the O-Cell. After the concrete break 
occurred, the pressure was released; and instrumentation readings were set to zero. The test 
shaft was then loaded using the O-Cell in a total of eight equal loading increments, resulting 
in a maximum sustained bi-directional load of 1,551 kips. Each load increment was held for 
8 minutes. Load increments  ere applied using the “ uick Load Test Method” described in 
ASTM D1143M-07. An average of one minute was required to increase the O-cell pressure 
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Figure 7.3 Idealized subsurface profile and the unconfined compressive-strength profile in 
the vicinity of the bridge site at IL 89 over the Illinois River. 
 
7.2.4 TEST RESULTS AND ANALYSIS  
Figure 7.4 shows the downward movement of the base plate of the O-cell and the 
upward movement of the top of the shaft during the bi-directional load test. The maximum 
sustained bi-directional load applied to the shaft was 1,551 kips. Under this load, the 
displacement above and below the O-cell assembly were 0.355 and 0.158 in., respectively. 
Further increase in the loading led to failure along the sides of the test shaft (i.e., ultimate 
side resistance was reached). Maximum displacements of 1.66 and 0.19 in. were measured at 
a maximum bidirectional load of 1,713 kips, above and below the O-cell assembly, 
respectively.  
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Figure 7.5 shows the load-distribution curves along the test shaft for the eight load 
increments applied to the test shaft. The load distribution relationships were generated based 
on the recorded strain-gauge readings and the estimated drilled-shaft stiffness. The elastic 
modulus of concrete was estimated based on the American Concrete Institute (ACI) formula, 
as expressed by the equation below: 
 
Ec  0.0        
   √f c  (
7.1) 
where: 
Ec  = concrete elastic modulus, in ksi 
δc  = concrete total unit weight, in pcf 
f’c  = unconfined compressive strength of concrete, in psi 
 
 
Figure 7.4 Measured load-displacement curves for downward and upward loading in the load 
test at the shaft tip at IL 89 over the Illinois River. 
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Figure 7.5 Axial-load distribution curves along the test shaft during the load test at IL-89 
over the Illinois River. 
Concrete modulus combined with the area of reinforcing steel and nominal socket 
diameter provided an average shaft stiffness (EA) of 12,415,000 kips in the rock-socket 
portion of the shaft. The magnitude of the unit side resistance mobilized for a segment of the 
shaft was computed as the change in the axial load over the length of the segment between 
adjacent strain-gage (SG) measurements divided by surface area of the shaft segment. The 
calculated values of ultimate side resistance, assuming constant shaft stiffness and diameter, 
at the maximum sustained load of the O-cell, are summarized in Table 7.1. Figure 7.5 plots 
this data and shows about 95% of the applied load was carried by the clay–shale socket, and 
negligible load was transferred to the overburden soils. Mobilized net unit side resistance vs. 
displacement (t–z) relationships/curves based on the strain-gage data along the test shaft and 
the estimated shaft stiffness are also presented in Figure 7.6. 
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Table 7.1 Average Unit Side-Resistance Values for Maximum Sustained Load 
Load-Transfer Zone Unit Side Resistance (ksf) 
O-cell to strain gage Level 1 10.7 
Strain gage Level 1 to strain gage Level 2 3.3 
Strain gage Level 2 to strain gage Level 3 0.1 
Strain gage Level 3 to strain gage Level 4 0.2 
 
 
Figure 7.6 Mobilized unit side resistance along the test shaft for the load test at IL 89 over 
the Illinois River. 
The mobilized unit tip resistance vs. displacement (q–z) relationships/curves are 
presented in Figure 7.7. The ultimate tip resistance was not reached during this test due to 
insufficient displacement being induced by the applied loading. The maximum measured tip 
resistance was 66.8 ksf at a relatively low displacement of 0.19 inches, which is less than 0.3 
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% of the drilled-shaft socket diameter. Therefore, information/conclusions regarding ultimate 
tip resistance cannot be deduced from this load test.  
 
Figure 7.7 Mobilized unit tip resistance for the test shaft at IL-89 over the Illinois River. 
7.3 BRIDGE SITE AT IL 133 OVER THE EMBARRAS RIVER 
Figure 7.8 shows the proposed location of the bridge site at IL 133 over the Embarras 
River, located in Coles County just west of Oakland, Illinois. This two-span bridge structure 
is designed to carry a two-lane highway over the Embarras River. East and west abutments of 
this bridge are supported on driven H-piles foundations. The single pier is supported by 
drilled-shaft foundations socketed into weak shales. In Phase 2 of this study, a full-scale O-
cell load-test was conducted on a test shaft, socketed into weak clay–shale, constructed near 
the existing river bridge pier (see Figure 7.9). The main objective of this load test was to 
measure the mobilized unit side and tip resistances along the weak-shale socket and to 
evaluate the prediction design equations for side and tip resistance proposed in Phase 1. In 
addition, this load test complemented the prior Spring Valley, Illinois, load test because a 
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drilled shaft with a shorter length and smaller diameter was going to be tested. The O-cell 
load test was performed on a test shaft 4.0 ft in diameter and 27.3-ft long. Figure 7.9 shows a 
plan view for the bridge structure and the location of the test shaft.  
 
 
Figure 7.8 Location of the bridge at IL 133 over the Embarras River near Oakland, Illinois. 
 
Figure 7.9 Location of test shaft of the bridge site at IL 133 over the Embarras River. 
Prior to test-shaft construction, four borings were advanced near the test shaft by the 
IDOT District 7 drilling crew and the UIUC research team. The first two borings were used 
to obtain shale core samples. Initially, rock cores were used for determination of recovery 
ratio, RQD of the rock mass, and vertical spacing of shale joints and fractures. Afterwards, 
unconfined compression tests were conducted on the retrieved specimen of weak shale. The 
IL 133 over 
Embarras River 
Location of the Test 
Shaft  
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in situ moisture content of the shale specimens used in the unconfined compression tests 
were also measured for correlation purposes. The unconfined compression test results were 
also used to determine the deformability characteristics of shale under undrained loading 
conditions. 
The other two borings were used to obtain MSPT penetration rate and blow counts at 
various depths in the weak-shale formation. The penetration rate obtained was then used to 
estimate the unconfined compressive strength of the weak shales based on the correlation 
developed herein. The measured and estimated values of qu were compared to investigate the 
accuracy of the proposed penetration rate-qu and penetration rate -Eu correlation (see Section 
6.8). 
7.3.1 SUBSURFACE CONDITIONS 
The subsurface profile at the test-shaft location consists of 11 ft of weak to stiff, silty 
clay overlying the sedimentary bedrock. The ground surface elevation at the test shaft is 
about +600.0 ft. Weathered gray clay shale was exposed at an elevation of about +589.0 ft 
(11 ft below ground surface) and extending to an elevation of 564.1 ft, where the drilling was 
terminated. Figure 7.10 shows the idealized subsurface profile and the unconfined 
compressive strength profile at the test-shaft location.  
 
7.3.2 TEST-SHAFT CONSTRUCTION AND INSTRUMENTATION  
Illini Drilled Foundations, Inc., of Danville, Illinois, completed construction of the 
test shaft on  August 5, 2014. The 4-ft-diameter test shaft was excavated under dry conditions 
to a base elevation of +572.9 ft. The shaft was started by predrilling and inserting a 54-in-
diameter temporary outer casing into the top of the shale bedrock. Drilling of the shaft 
continued into the shale layer using a 48-in.-diameter auger until the tip of the shaft was 
reached. After the shaft was approved for concrete placement, the reinforcing cage with the 
attached O-cell assembly was lowered into the excavated borehole to an elevation of +572.9 
ft. Concrete was then delivered by a tremie pipe to the base of the shaft until the tip of 
concrete reached an elevation of +597.2 ft. 
The load-test assembly consisted of a 20 in.-diameter O-cell located 2.3 ft above the 
tip of the shaft (i.e., at elevation = +575.2 ft). Similar to the Spring Valley, Illinois, load test, 
four linear vibrating-wire displacement transducers (LVWDTs; Geokon model 4450 series) 
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were installed between the upper and lower plates of the O-cell to measure its expansion 
during loading. Four vibrating-wire strain gauges (Geokon model 4911 series) were installed 
at three different elevations above the O-cell (see Figure 7.10), to assess the mobilized unit 
side resistance. Two upper compression telltale casings were attached diametrically opposite 
to the reinforcing cage and extending from the top plate of the O-cell to the ground level to 
measure the upper compression displacements of the drilled shaft. The displacement at the 
top of the drilled shaft was monitored using two automated digital-survey levels (Leica 
NA3000 series). A Bourdon pressure gage, voltage pressure transducer, and vibrating-wire 
pressure transducer were used to measure the pressure applied to the O-cell at each load 
interval. To evaluate the integrity of the concrete test shaft, four cross-hole sonic logging 
(CSL) tubes with a diameter of 2 in. were also installed along the full length of the test shaft 
and extending about 3 ft above the top of the test shaft.   
 
Figure 7.10 Idealized subsurface and unconfined compressive strength profiles of the bridge 
site at IL 133 over the Embarras River. 
7.3.3 DATA ACQUISITION AND TESTING PROCEDURE  
All instrumentation was connected through a data logger (Data Electronics 515 
Geologger) to a laptop computer. The data logger recorded instrument readings every 30 
seconds during the O-cell load test. The test was initiated by pressurizing the O-Cell to break 
the tack welds that held the upper and the lower plates of the O-Cell and to form a fracture 
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plane in the concrete surrounding the O-Cell. After the concrete break occurred, the pressure 
was released; and instrumentation readings were set to zero. The test shaft was then loaded 
using the O-Cell in a total of ten equal load increments, resulting in a maximum sustained bi-
directional load of 913 kips. Each load increment in the test was held for 8 minutes. Load 
increments  ere applied in accordance  ith the “ uick Load Test Method” (ASTM 
D1143M-07).  
An average of one minute was required to increase the O-cell pressure to the next 
load increment. The loading was then increased beyond the maximum sustained load to 
examine the post-peak weakening of the clay shales in terms of side resistance. A maximum 
applied load of 993 kips was reached during this stage of the test; however, this load was not 
sustained because the upper shaft above the O-cell started displacing rapidly. Afterwards, the 
test shaft was unloaded in five equal decrements. 
 
7.3.4 TEST RESULTS AND ANALYSIS  
Figure 7.11 shows the downward movement of the base plate of the O-cell and the 
upward movement of the top of the shaft during the bi-directional load test. The maximum 
sustained bi-directional load applied to the test shaft was 913 kips. Under this load, the 
displacements above and below the O-cell assembly were 1.282 and 1.684 in., respectively. 
Further increases in loading led to failure along the sides of the test shaft (i.e., ultimate side 
resistance was reached). Maximum displacements of 4.155 and 1.929 in. were measured 
above and below the O-cell assembly. These displacements (4.155 and 1.929 in.) occurred 
during the first decrement of load.  
Figure 7.12 shows the load-distribution curves along the test shaft for the ten load 
increments applied to the test shaft. The load distribution is generated based on the recorded 
strain-gauge readings and the estimated drilled-shaft stiffness. The elastic modulus of 
concrete was estimated using the American Concrete Institute formula. Concrete modulus 
(Equation 5.1), combined with the area of reinforcing steel and nominal socket diameter, 
provided an average shaft stiffness (EA) of 6,342,000 kips in the rock-socket portion of the 
drilled shaft. The calculated values of ultimate side resistance, assuming constant stiffness 
and shaft diameter at maximum sustained load of the O-cell, are summarized in Table 5.2. 
Figure 7.13 shows the mobilized net unit side resistance vs. displacement (t–z) relationships, 
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or curves, based on the strain-gage data and the estimated shaft stiffness. Figure 7.13 also 
shows a notable post-peak-strain weakening response of the clay–shale layer between the O-
cell and SG-1, corresponding to a 20% decrease in unit side resistance. The other two shale 
layers between SG-1 to SG-2 and SG-2 to SG-3 did not exhibit strain weakening but rather 
gained resistance with increasing shaft displacements.  
 
Table 7.2 Average Unit Side-Resistance Values for Maximum Sustained Load 
Load-Transfer Zone Unit Side Resistance (ksf) 
O-cell to strain gage Level 1 6.3 
Strain gage Level 1 to strain gage Level 2 7.4 







Figure 7.11 Measured load-displacement relationships for downward and upward loading of 
the test shaft at IL 133 over the Embarras River 
 




Figure 7.13 Mobilized unit side resistance for test shaft at IL 133 over the Embarras River. 
 
The mobilized unit tip resistance vs. displacement (q–z) relationship, or curve, is 
shown in Figure 7.14. Ultimate tip resistance was not reached during this test, this may be 
due in part to insufficient cleanout of the shaft base before concrete placement, which could 
severely affect the unit tip resistance and settlement. Figure 7.13 and Figure 7.14 show a 
weak response of the unit tip resistance, which resulted in a low unit end bearing at a 
relatively large displacement of 1.64 in. Thus, a low bearing-capacity factor (Nc = mobilized 
unit end bearing/unconfined compressive strength) of 3.0 was measured, which corresponds 
to a 40% decrease in tip resistance. This finding highlights the importance of the drilled-shaft 
tip cleanout before placing concrete, in agreement  ith O’Neil and Reese (1999). If tip 
resistance is to be considered in design of a drilled shaft, proper techniques and inspections 
for doing and verifying adequate tip cleanout should be developed and followed by relevant 
personnel.    
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Figure 7.14 Mobilized unit tip resistance for test shaft at IL 133 over the Embarras River. 
 
Figure 7.15 Mobilized unit side resistance for the four load tests conducted in Illinois weak 
shales and the line of best fit to the data. 
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7.4 BACK-CALCULATED ADHESION FACTORS 
Measured unit side resistance of the two load tests conducted during this study were 
used, along with the laboratory-measured unconfined compressive strength, to back-calculate 
the mobilized adhesion factors ( ),  here it can be determined by dividing the maximum unit 
side resistance divided by the average unconfined compressive strength of the weak shales 
(i.e.     fsmax/qu)  Table 7.3 summarizes the results of the two load tests conducted herein 
together with other drilled shaft load tests in Illinois Pennsylvanian weak shales. Data 
summarized in Table 7.3 are also used in Figure 7.15 to show the average mobilized 
adhesion factors of the four load tests. Data presented in Table 7.3 and Figure 7.15 show that 
the overall adhesion factors mobilized in these tests are slightly lower than values that the 
existing literature would suggest for drilled-shaft load tests in weak fine-grained rocks. 
However, the design procedure outlined in Chapter 9, along with the recommended LRFD 
resistance factors, accounts for the slight difference in the predicted to measured adhesion 
factors.   
 













IL 133 over Embarras 
River 
SG1 to O-cell 23.5 7 1.27 0.30 
IL 133 over Embarras 
River 
SG1 to SG2 17.1 6.18 1.27 0.36 
IL 89 over Illinois River SG1 to O-cell 39.8 10.72 0.59 0.27 
IL 89 over Illinois River SG1 to SG2 25.1 3.35 0.58 0.133 
John Deere Road (IL5 
over IL 84) 
SG1 to SG2 11.7 2.7 0.44 0.23 
John Deere Road (IL5 
over IL 84) 
SG1 to O-cell 55.7 13.3 0.45 0.23 
Illinois River Bridge 
replacement (FAU 
6265) 
SG6 to SG7 2.65 1.0 0.1 0.37 
  
148 
CHAPTER 8 NUMERICAL ANALYSES  
 
8.1 INTRODUCTION 
A two-dimensional (2D) finite-element method (FEM) was used in this phase of the 
study to investigate the load-transfer mechanism of axially loaded drilled shafts socketed into 
weak shales. The commercial finite-element program, PLAXIS 2D (Brinkgreve, 2016), was 
used to simulate loading of a drilled shaft. A parametric study was conducted to investigate 
the factors that significantly affect the axial capacity of drilled shafts. Some of the factors 
investigated are drilled-shaft socket roughness, relative stiffness between the drilled shaft and 
weak rock, mechanical properties of the weak rock, socket length, and socket diameter. The 
FEM model was calibrated and verified using an analytical solution proposed by Carter and 
Kulhawy (1988) and published numerical solutions by Rowe and Armitrage (1987), Pells and 
Turner (1979), and Hassan and O’Neill (1997). The results of the t o Osterberg load tests 
conducted at the bridge sites at IL 89 over the Illinois River and IL 133 over the Embarras 
River were also used to calibrate the FEM model for predicting drilled-shaft capacity in weak 
rocks. 
8.2 FINITE-ELEMENT MESH AND BOUNDARY CONDITIONS 
Fifteen-node triangular axisymmetric elements (see Figure 8.1) were used in PLAXIS 
2D to simulate the drilled shaft and the surrounding weak rock mass and overburden soils 
(see Figure 8.3). A relatively fine mesh was used in the regions where stress concentrations 
were anticipated, particularly along the weak-rock/drilled-shaft interface and at the tip of the 
drilled shaft. Interface elements are used to simulate the sliding of the drilled shaft along the 
weak rock. The loading of the shaft is simulated by applying incremental vertical 
displacement to the shaft head. Other boundary conditions consist of restraining both the 
vertical and radial displacements at the base of the model and the radial displacement on the 
right-hand side of the model and along the axis of symmetry. The boundary conditions used 
in the model are also shown in Figure 8.3. The selected model boundaries were set wide 
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enough to eliminate significant boundary effects on load transfer from the drilled shaft to the 
weak rock and overburden soils.  
 
Figure 8.1 Axisymmetric FEM representation (from PLAXIS 2D User’s Manual).  
8.3 CONSTITUTIVE MODELS  
The drilled shaft is assumed to be homogeneous, isotropic, and elastic with a constant 
Young’s modulus (Es) and Poisson’s ratio (ν). The soil(s) overlying the weak rock are 
modeled using a Mohr-Coulomb (MC) linearly elastic, perfectly plastic constitutive model. 
The MC failure criteria is expressed by the equation below: 
 
 f σ nf tan     c  (
6.1 ) 
where: 
 f  = shear stress at failure 
σ’nf = effective normal stress at failure 
 ’   effective stress angle of internal frictional, i.e., friction angle  
c’   effective stress cohesion 
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Figure 8.2: Schematic of hyperbolic stress–strain model from Schanz et al. (1998). 
 
Figure 8.3: Typical finite-element mesh and boundary conditions applied in drilled-shaft 
parametric study. 
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The hardening soil (HS) model, developed by Schanz et al. (1998), was used to 
simulate the nonlinear stress–strain relationship of weak rock mass. The HS constitutive 
model was derived from the hyperbolic stress–strain model developed by Duncan and Chang 
(1970). The HS model is considered an improvement over the hyperbolic model because it 
utilizes the theory of plasticity rather than the theory of elasticity and includes soil dilatancy. 
As a result, the HS model can predict the plastic strains based on a multi-surface yield 
criterion. Some of the basic characteristics of the HS model are  
 
 Failure is defined according to the MC failure criterion.  
 Total strains are calculated based on stress-dependent stiffness moduli both for 
loading and unloading/reloading cases. 
 Hardening is assumed to be isotropic, depending on both plastic shear and volumetric 
strain. 
 The hyperbolic equation in terms of axial strain (ϵ1) and stress difference (q) is 
 










where qa is the asymptotic value of the stress difference, i.e., ultimate value of q at 
infinite strain, as illustrated in Figure 8.2; and Ei is the initial tangent modulus. Ei is related to 
the secant modulus by the modulus at 50% axial strain (E50) by 
 i  
     
    
  
(6.3) 
where Rf is a fitting ratio that forces the hyperbolic stress–strain relationship to pass 
through the point of failure, i.e., ϵf , qf, and can be expressed in terms of the failure stress, qf: 
    
  
  
  (6.4) 
Typical values of Rf are in the range of 0.75 to 1.0. In this study a fitting ratio of 0.9 
is used, which is the default setting in PLAXIS 2D.   
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8.4 INTERFACE ELEMENTS 
The use of continuum elements in a finite-element analysis prohibits relative 
displacement between structure elements, e.g., a drilled shaft, and adjacent soils and rock 
materials. To simulate relative displacement, i.e., slippage of the side of the drilled shaft 
along a weak-rock boundary, interface elements are introduced. Potts and Zdravkovic (2001) 
summarize the different methods to simulate soil-structure interaction and slippage. In the 
parametric study conducted herein, a zero-thickness interface formulation was used, which is 
proposed by Goodman et al. (1968). To implement the interface-element option, node pairs 
are created at the weak rock/shaft interface. As a result, one node belongs to the drilled shaft 
and the other node belongs to the adjacent weak rock (see Figure 8.4). The interaction 
between these two interface nodes involves two elastic–perfectly plastic springs to simulate 
slippage and gaps. Figure 8.4 shows a schematic representation of a node pair and the zero-
thickness interface elements used along the drilled shaft.   
Interface elements are modelled using the elastic–perfectly plastic Mohr-Coulomb 
strength model. The strength of the interface is defined with an interface strength-reduction 
factor, Rint. This reduction factor is similar to the adhesion factor in the total stress analysis of 
axially loaded drilled shafts in cohesive soils and rock, as shown below:  
          .    (
6.5) 
 
tan          . tan   (
6.6) 
 
     
  for        1.0, other ise        (6.7) 
where c'i is the interface effective stress cohesion or the undrained shear strength in a 
total- i is the effective stress interface friction angle, and i is the interface 
dilation angle. Based on analysis developed herein of the drilled-shaft load-test database in 




Figure 8.4 Schematic representation for the zero-thickness interface element used herein. 
 
8.5 VALIDATION OF NUMERICAL ANALYSIS 
During this study, two Osterberg cell (O-cell) load tests were conducted on drilled 
shafts socketed in weak rock, to validate the drilled-shaft design methodology developed 
herein and to calibrate the FEM model for the parametric analysis. The load-displacement 
and load-transfer relationships measured during these two load tests were used to develop 
weak-rock/shale-specific parameters for the drilled-shaft parametric model discussed above. 
To calibrate the FEM model, the boundary conditions, interface elements, and load 
application via the O-cell at the bottom of the drilled shaft are modeled accurately for each 
test. These modeling features were adjusted until agreement was good between the measured 
and calculated drilled-shaft load-deformation relationships for the measured values of qu and 
Young’s modulus. qu and Young’s modulus are the main input parameters for each load-test 
site and were derived from laboratory testing performed on high-quality shale core samples. 
This calibrated model was then used in the subsequent parametric analysis.  
 
8.5.1 LOAD TEST AT IL 133 OVER THE EMBARRAS RIVER  
An O-cell drilled-shaft load test was conducted on a test drilled shaft socketed in 
weak “clay shale” of the Pennsylvanian formation at the IL Route 1   bridge crossing of the 
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Embarras River. The test shaft was 4.0 ft in diameter, with a socket length of 16.0 ft. Figure 
8.5 shows an idealization of the subsurface profile and the as-built dimensions of the 
instrumented test drilled shaft. Four borings, two for shale coring and two for MSPTs, were 
conducted near the test shaft to measure the strength and compressibility parameters for the 
shales. Figure 8.6 shows the measured rock quality designation (RQD), total core recovery 
(TCR), and unconfined compression strength (UCS) for the weak shales at the vicinity of the 
test shaft. Details of the subsurface investigation, test-shaft construction, O-cell testing 
arrangements, and testing-results interpretations are discussed in more detail in Chapter 7 
Numerical Model  
Figure 8.7 shows the FEM model developed for the IL 133 O-cell test and the applied 
boundary conditions. The concrete shaft was again assumed to be an isotropic, homogeneous, 
and elastic with an elastic modulus (Ec) of  , 00 ksi, Poisson’s ratio (νc) of 0.15, and a unit 
c) of 145 pcf. The HS and MC constitutive models were used to simulate the weak 
shale layer and the overburden soil, respectively.  Table 8.1 summarizes the constitutive 
model parameters used in the analysis. The interface-reduction factor between the drilled 
shaft and the weak shale was assumed to be equal 0.60 as discussed above. The O-cell below 
the drilled shaft was simulated using a 1-ft-thick solid element. To simulate the loading 
induced by the load test, the O-cell was expanded upward and downward to force movement 
of the drilled shaft. Upon applying the bidirectional load at the O-cell location, the solid 
element was deactivated so the interaction between the downward and upward shaft 
displacement could be decoupled. This procedure is important because it allows proper 
simulation of the O-cell arrangement. 
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Figure 8.5 Idealized soil profile and as-built dimensions of the instrumented test shaft at IL 
133 over the Embarras River. 
 










































 HS HS HS 
Unit Weight(pcf) 115 130 140 135 140 
Undrained Shear Strength (ksf) 0.2 6.1 32.50 18.0 10 
Undrained Young’s  
Modulus (ksf) 
25 2,300 12,500 6,750 7,100 
Unloading-Reloading  
Young’s Modulus (ksf) 
- 5,750 37,500 16,875 21,300 
Power (m) - 0.65 0.65 0.65 0.65 
Interface Strength Reduction 
Factor 
0.90 0.6 0.6 0.6 0.6 
(1)Mohr-Coulomb model   (2)Hardening Soil model 
Numerical Prediction vs. Measured   
The numerically predicted load-displacement relationships for the top and bottom 
Ocell plates are compared to the measured values in Figure 8.8. Figure 8.8 shows good 
agreement between the FEM predicted and measured tip resistances. In particular, the 
measured tip resistance shows a weak response because the bottom of the shaft was not 
thoroughly cleaned before concrete was tremied in to construct the drilled shaft. As a result, 
to achieve a match of the measured tip-resistance response, a low modulus was assigned for 
the weak rock directly below the shaft base. Figure 8.9 shows a comparison between the 
predicted and measured load-transfer relationship for this load test. Figure 8.8 and Figure 8.9 
show that the numerical analysis results are in good agreement with the measured field loads 
and displacements. As a result, the input parameters used to calculate the load-displacement 
and load-transfer relationships are calibrated and can be used in the parametric study to 




Figure 8.8: Comparison of measured and numerically predicted load-displacement 
relationships for the load test at IL 133 over the Embarras River.   
 
Figure 8.9: Comparison of measured and numerically predicted load-transfer relationships 
for last loading increment (O-cell load = 820 kips). 
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8.5.2 LOAD TEST AT IL 89 OVER THE ILLINOIS RIVER  
An O-cell load test was also conducted on a drilled shaft socketed in weak “clay 
shale” of the Pennsylvanian formation at IL 89 over the Illinois River near Spring Valley, 
Illinois. The test shaft was 5.0 ft in diameter with a socket length of 12.0 ft. A numerical 
model using the same simulation techniques developed for the load test at IL 133 over the 
Embarras River was developed for this load test, too. Figure 8.11 shows an idealization of the 
subsurface profile and the as-built dimensions of the instrumented drilled shaft. Two borings 
(one for shale coring and one for MSPT) were conducted near the test shaft to measure the 
strength and compressibility of the shales. Figure 8.12 shows the measured RQD, TCR, and 
UCS for the weak shales in the vicinity of the test shaft. Additional details of the subsurface 
investigation, test-shaft construction, O-cell testing arrangements, and interpretation of the 
test results are presented in Chapter 7.  
 
Figure 8.10: Idealized soil profile and as-built dimensions of the instrumented drilled shaft at 
IL 89 over the Illinois River. 
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Figure 8.11: Measured UCS, RQD, and TCR versus elevation at IL 89 over the Illinois River.  
Numerical Prediction vs. Measured  
The numerically predicted load-displacement relationships for the top and bottom O-
cell plates are compared with the measured values and are shown in Figure 8.12. This 
comparison shows excellent agreement between the PLAXIS 2D model and the measured load-
displacement relationships. Figure 8.13 presents a comparison of the predicted and measured 
load-transfer relationships for the last O-cell loading increment. Review of Figure 8.12 and 
Figure 8.13 suggests that the numerical analysis predictions are in excellent agreement with 
the field-measured load-displacement and load-transfer relationships. As a result, the input 
parameters used to calculate the load-displacement and load-transfer relationships were 
considered to be calibrated and can be used in the parametric study to understand the factors 
that significantly influence drilled behavior in weak rock. 
In summary, the 2D FEM model provided good agreement with the measured load-
displacement and load-transfer relationships measured for the IL 133 and IL 89 drilled-shaft 
load tests. As a result, the boundary conditions, interface elements, and load application via 
the O-cell at the bottom of the drilled shaft are modeled accurately. Thus, the 2D FEM model 
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described above is used below to study the impact of a number of factors, e.g., UCS, shaft 
length to diameter, and rock socket length, in this parametric study. 
 
Figure 8.12: Comparison of measured and numerically predicted load-displacement 
relationships for drilled shear-load test at IL 89 over the Illinois River.  
 
Figure 8.13: Comparison of measured and numerically predicted load-transfer relationships 
for last loading increment (O-cell load = 1,350 kips). 
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8.6 PARAMETRIC ANALYSIS  
The parametric analysis described below used the load test–calibrated 2D FEM 
axisymmetric model.  As shown above, the calibrated boundary conditions, interface 
elements, and load application via the O-cell at the bottom of the drilled shaft resulted in 
good agreement between the measured and predicted load-displacement and load-transfer 
relationships. 
The axial response of drilled shafts socketed into weak cohesive rock is a function of 
the unconfined compressive strength of the weak rock, relative stiffness between the weak 
rock and the concrete shaft, rock-socket geometry, and the weak-rock/drilled-shaft interface 
roughness. The calibrated numerical model described above was used to conduct a 
parametric analysis to investigate these factors. The analysis procedure consists of the 
following two main steps: (1) application of initial in situ stress(es) due to self-weight of 
overburden soils, weak rock mass, ground water and drilled shafts; and (2) application of 
structural loads by applying incremental vertical displacement to the shaft head. 
 
8.6.1 EFFECT OF ROCK-SOCKET GEOMETRY  
The effect of rock-socket geometry is studied in terms of the ratio of socket length 
(Ls) to socket diameter (D), with a range of 1 ≤ Ls/D ≤ 10. This analysis is conducted for a 
UCS of  0 ksf and a ratio of Young’s modulus for the rock (Er) to concrete (Ec) of 0.02. In 
other words, the concrete is much stiffer than the weak rock. Other pertinent parameters 
remained constant.  
Figure 8.14 shows the percentage of ultimate axial load carried by the skin friction 
and tip resistance, where the ultimate load is assumed to occur at a tip displacement equal to 
5% of the shaft diameter (O’Neill and Reese 1999). Figure 8.14 shows that as the Ls/D ratio 
increases, less load is transferred to the drilled-shaft base and more load is carried by the skin 
friction. This implies that the axial behavior of drilled shafts with short rock sockets will be 
largely affected by the condition and stiffness of the weak rock at the tip of the shaft, whereas 
shafts with longer sockets will be less sensitive to these conditions because most of the load 
is carried by skin friction. Therefore, in order to rely on short-socketed drilled shafts (i.e., 
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small Ls/D) to carry the anticipated load, proper inspection and cleanout of the tip of the 
drilled shaft is essential. 
Figure 8.15 displays the load-transfer mechanism for different rock-socket 
geometries. At early stages of loading, the load is predominately carried by skin friction; and 
a small percentage of the load is transferred to the tip of the shaft. With increasing load and 
displacements, the skin friction is fully mobilized; and the remaining loads will be carried by 
the tip resistance. This behavior is intensified for shafts with long sockets or with large ratios 
of socket length to diameter. However, it still applies for shorter sockets; but the tip 
resistance contributes more at early stages of loading.  
 
 
Figure 8.14: Percentage of applied load carried by skin friction and tip resistance for different 
socket geometries.  
In summary, these results show that the portion of applied axial compressive load that 
is transferred to the tip of the shaft is a function of rock-socket geometry, i.e., Ls/D ratios. 
With increasing socket lengths, the relative tip load transfer decreases. For instance, more 
than 80% of the applied load is transferred to the base of the socket for Ls/D of 2. Therefore, 
short-socketed drilled shafts can be used only when the rock mass condition beneath the tip 
of shaft is relatively sound/intact and when proper inspection and cleanout of the base of the 
shaft is ensured. The difference in stiffness between the rock and concrete has a significant 
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effect on the axial behavior of weak-rock-socketed drilled shafts, as discussed in more detail 
below. 
8.6.2 EFFECT OF RELATIVE STIFFNESS  
The range of weak-rock moduli measured during this study is between 500 to 15000 
ksf. This range suggests that the relative stiffness (n=Er/Ec) is low (0.005–0.04) for most of 
the weak cohesive rock tested herein. For this reason, understanding the influence of 
Young’s modulus of the rock on the axial response of the drilled shaft is important. This 
parametric analysis was performed using a UCS of 20 ksf, a socket length of 5 ft, and a 
socket diameter of 15 ft. 
Comparison between load-displacement relationships for different relative stiffnesses 
(n) is shown in Figure 8.16. Figure 8.16 shows the drilled-shaft tip resistance is significantly 
affected by the weak response of the base, with a decrease of up to 40% of the axial load 
carried by the tip resistance with a weak base. Figure 8.16 also shows that skin friction is 
fully mobilized at greater axial displacements when the shaft is socketed in weaker shales. 
Conversely, Figure 8.17 shows that the percent of axial load carried by skin friction for 
different socket geometries is only slightly influenced by rock mass modulus; and the load 
distribution between the side and tip resistance is mainly controlled by the ratio of the socket 




Figure 8.15: Load-transfer mechanism for weak-rock-socketed drilled shafts 
In summary, these results show that tip resistance can be significantly reduced, for a 
given amount of serviceable displacement, when the base of the shaft is resting on 
weak/weathered rock or the tip is not sufficiently cleaned out prior to concrete placement. 
Therefore, proper inspection of the rock-mass conditions beneath the tip of the shaft is 
necessary for the cases where tip resistance is considered to contribute in the total axial 
capacity of the drilled shaft. For the cases where weak/weathered rock is encountered at the 
base, it may be necessary to either neglect the tip-resistance contribution or increase the 
socket length to an elevation where sound/intact rock is encountered.  
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Figure 8.16: Effect of relative stiffness (n) on load-displacement response of weak-rock 
drilled-shaft sockets. 
 
Figure 8.17: Percentage of applied load carried by skin friction for different rock-socket 
geometries and rock stiffnesses.  
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8.6.3 EFFECT OF SOCKET ROUGHNESS  
The drilled-shaft socket roughness also has a large influence on the mobilized side 
resistance (O’Neil and Reese 1999). Figure 8.18 shows the axial load-settlement response of 
three different socket-roughness conditions, i.e., rough, normal, and smeared sockets. The 
interface-roughness coefficients were selected based on the adhesion factors derived from the 
compiled load-test database for unit side resistance (see Chapter 3). This analysis was also 
performed using a UCS of 20 ksf, a socket length of 15 ft, and socket diameter of 5 ft. Figure 
8.18 indicates that the load transfer in side resistance can be significantly improved for 
drilled shafts in weak rock if the rock socket or shaft walls are roughened by mechanical 
means, as compared to normally constructed rock sockets that exhibit smoother walls. By 
contrast, disintegration/smearing (i.e., formation of a soil-like material/remolded rock along 
the rock–socket interface) of the socket wall may compromise the unit side resistance 
significantly. Therefore, proper inspection of the drilled-shaft side walls is needed, especially 
for cases where drilled shafts are constructed under bentonite slurry, which can result in 
formation of a bentonite layer or cake along the shaft wall. 
  
Figure 8.18: Axial load-displacement response for three different socket-roughness 
conditions. 
Socket Dia.: 5 ft. 
Socket Length.: 15 ft. 





 = 0.02 
q
u
 = 20 ksf 
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In summary, these results show that the axial capacity of drilled foundations is 
affected by the conditions at the soil/concrete interface immediately adjacent to the shaft. 
Artificially roughing the socket wall significantly improves the unit side resistance and thus 
total axial capacity at small shaft displacements. By contrast, smearing or degradation of the 
drilled-shaft side walls can significantly reduce the drilled-shaft load-carrying capacity. 
 
8.6.4 EFFECT OF SOIL-OVERBURDEN THICKNESS  
The effect of soil-overburden thickness on the overall load-displacement behavior 
was investigated next. This analysis also was performed using a UCS of 20 ksf, a socket 
length of 15 ft, and socket diameter of 5 ft., while changing the thickness of the soil 
overlying the weak rock. Figure 8.19 shows the axial-load displacement response for the 
different cases. Figure 8.19 indicates that the load-settlement response is not significantly 
affected by the overburden-soil thickness because most of the load is transferred through the 
rock-socket portion of the shaft. This conclusion is in agreement with the analysis of the 
drilled-shaft load-test database in Chapter 4. 
 
Figure 8.19. Effect of overburden height on the axial-load-displacement behavior of weak-
rock-socketed shafts.   
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Weak shales from the Pennsylvanian period are frequently encountered at shallow 
depths in Illinois. Drilled shaft socketed in such formations are increasingly used to support 
heavy structural loads from bridges and other transportation buildings. Drilled shafts are 
particularly attractive in weak shales and other weak rocks because (i) drilled shafts 
boreholes in weak shales (i.e. minimum support is needed for the sides of the shafts prior to 
pumping concrete), (ii) easy to excavate and, (iii) they provide relatively good resistance for 
both lateral and vertical loads.   
Current design procedures used to estimate the axial behavior of drilled shafts in 
weak shales were reviewed in Chapter 2 and statistically evaluated in Chapter 5 based on a 
load test database of measured side and tip resistance of drilled shafts in weak shales and 
other weak fine-grained rocks with unconfined compressive strength between 0.5 and 5.0 
MPa. This database is also used in this Chapter, together with penetration rate measurements 
conducted during this study in sixteen full-scale field load tests to develop a design method 
to estimate the axial capacity of drilled shafts in weak shales. This chapter summarizes the 
new design method and the corresponding LRFD resistance factors that can be used to design 
drilled-shaft foundations in weak shales.  
9.2 SIDE RESISTANCE PREDICTION METHODS  
Side resistance prediction methods available in the literature relates the unit side 
resistance to the unconfined compressive strength or the undrained shear strength of weak 
shales. A database of mobilized unit side resistance of drilled shafts in weak shales and other 
weak fine-grained rocks were compiled in Chapter 4 and is used herein to develop a new 
design correlation that can better predict the maximum mobilized unit side resistance in weak 
shales.  
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Analysis of the drilled-shaft, full-scale load tests shows that the ultimate side 
resistance is not significantly affected by drilled-shaft geometry (e.g., socket length and 
diameter) and is often fully mobilized at relatively small displacement. Analysis of the load-
test database also showed no significant post-peak reduction in unit side resistance with 
increasing shaft displacement.    
The side-resistance database was used to select representative and applicable load-test 
data for developing an empirical design method for drilled shafts in weak shales. Regression 
analyses were used to determine the line of best fit to the selected side-resistance data. Figure 
9.1 shows a linear function is used to correlate the measured unit side resistance and 
unconfined compressive strength for the design of drilled shafts in weak shales. 
 
 
Figure 9.1 Prediction method for unit side resistance of drilled shafts in weak shales 
As shown below, the proposed prediction method for the maximum or peak side 
resistance, fs, in weak shales uses an adhesion factor of 0.31 and average unconfined 
compressive strength, qu, along the shaft wall: 
 




fsmax = Maximum unit side resistance of drilled shafts socketed into weak shales, MPa 
qu = average unconfined compressive strength of weak shale along socket wall, MPa 
0.31 = empirical adhesion factor, dimensionless 
9.2.1 MOBILIZED SIDE RESISTANCE IN CLAYS VERSUS WEAK SHALES   
Field load tests of driven piles and drilled shafts in clays reported by Kulhawy and 
Phoon (1993) and Tomlinson (1957) shows that the mobilized adhesion factor in clays is in 
the range of 0.2 which is lower than the proposed adhesion factor for weak shales with 
unconfined compressive strength between 0.5 and 5.0 MPa. Figure 9.2 is a comparison 
between the mobilized adhesion factors in clays and weak shales. (i.e.  clay vs.  shale ) 
 
 
Figure 9.2  A comparison between the mobilized adhesion factors in clays and weak shales. 





The reasons behind the increase in the adhesion factor in shales could be attributed to 
the following two main aspects: 
 
1. The load transfer mechanism in side shear for drilled shafts in clays are purely 
frictional-sliding along the straight sided walls of the drilled shafts in clays. On the 
other hand, in weak shale socketed shafts the roughness of the side walls varies 
significantly from smooth sided walls to relatively rough walls. Figure 9.3a&b shows 
two different roughness profiles reported by Collingwood (2000) for shafts socketed 
into weathered shales. Both shafts were drilled normally in a dry condition with a 
flight auger. As shown in Figure 9.3a, the side walls of the drilled shaft in some cases 
are very smooth and straight sided and in such conditions the load is transferred 
primarily through frictional sliding along the weak-shale socket interface. For 
relatively rough side walls (Figure 9.3b) the asperities heights are relatively large (in 
the range of 10mm). In such conditions, the load transfer mechanism is not purely 
frictional-sliding due to the presence of these asperities.  This range of socket 
roughness and the differences in the load transfer mechanism associated with them 
can lead to the scatter shown in Figure 9.3a and can explain the difference in the 
adhesion factor mobilized in weak shales. 
2. The use of the unconfined compression test for weak shales may significantly 
underestimate the undrained shear strength of weak shales due to the immature 
failure along existing fissures/joints in weak shales  
 
Figure 9.3 Surface Roughness Profiles for drilled shafts socketed into highly weathered 
Shales in Sydney, Australia (After Collingwood 2000) 
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9.3 TIP RESISTANCE PREDICTION METHOD 
Analysis of the tip resistance load-test database for drilled shafts socketed into weak 
shales shows that the unit tip resistance is a function of the unconfined compressive strength 
of weak shales, embedment ratio (i.e. socket length to diameter ratio), and shaft-tip 
displacement.  The results of the unit tip-resistance database analysis are summarized in 
Figure 9.4 The embedment depth of drilled shafts is normalized with the shaft diameter (see 
labels next to data in Figure 9.4). The line of best fit (see equation 9.2) for the load-test data 
is shown for an embedment ratio of 2.5. Figure 9.4 shows that a bearing-capacity factor (i.e., 
ratio between the measured unit tip resistance and unconfined compressive strength) of 4.5 
can be used to predict the unit tip resistance (qt) of shafts in weak shales. This conclusion is 
in agreement with the common practice bearing-capacity factors for drilled shafts in clays 
(i.e., qt = 9*undrained shear strength (Su)). 
 
 
Figure 9.4 Prediction method for tip resistance of drilled shafts in weak, fine-grained rocks. 
Figure 9.5 shows the effect of the embedment ratio (L/D) on the mobilized unit tip 
resistance for load-test measurements where the maximum tip resistance was mobilized (i.e., 
tip displacement ≥  .0% of the tip diameter). Figure 9.5 suggests that the bearing-capacity 
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factor (qt/qu) increases with depth of embedment ratios less than 2.5, which agrees with the 
expression for the depth-correction factor proposed by Skempton (1951).  
 
Regression analyses were used to determine the equation of best fit shown in Figure 
9.4 for an embedment ratio of 2.5. The expression for the depth-correction factor proposed 
by Skempton (1951) was then used to back-calculate the equation for cases for which the 
embedment depth is zero, which is referred to as the “reference e uation.” The ne  
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qt = tip resistance, MPa 
qu = unconfined compressive strength, MPa 
δ = tip movement, mm. 
D = tip diameter, mm. 
dc   Skempton’s depth correction factor   1.0   0.  L/D ≤ 1.   
L = embedment depth in weak rock, mm. 
 
A displacement e ual to  % of the shaft diameter (O’Neil and Reese 1999) is 
recommended for mobilizing the ultimate tip resistance, which can be used to estimate the tip 
-resistance equation above. Other serviceability-limit states (i.e., tip 
displacements) could be considered if a tip displacement equal to 5% of shaft diameter 
produces total or differential settlements that are unacceptable for the structural aspects of the 
design or serviceability. This can be accomplished by using a different value of δ (tip 




Figure 9.5 Effect of embedment ratio (L/D) on mobilized unit tip resistance of rock socketed 
drilled shafts. 
9.4 MSPT-BASED DESIGN METHOD 
9.4.1 PENETRATION RATE MEASUREMENTS AT LOAD TEST SITES  
Data for unit side and tip resistance obtained from sixteen (16) drilled shaft full scale 
tests in weak shales were reviewed and summarized in Table 9.1 & Table 9.2. Modified 
standard penetration tests were conducted at these 16 load test sites to investigate the 
possibility of a direct correlation between the measured normalized penetration rate (Nrate)90 
in weak shales and the side and tip resistance. Figure 9.6 and Figure 9.7 shows that the 
penetration rate could be used directly to estimate directly the ultimate side and tip resistance 
of shafts socketed in weak shales.    
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Table 9.1 Normalized Penetration rate and side resistance measurements at drilled 












IL 133 over Embarras River 
SG1 to O-
cell 
430 335.2 32.3 
IL 133 over Embarras River SG1 to SG2 400 
295.9 32.3 





IL 89 over Illinois River SG1 to SG2 222 
160.4 14.7 
John Deere Road (IL5 over IL 84) SG1 to SG2 240 
129.3 11.2 





Illinois River Bridge replacement 
(FAU 6265) 
SG6 to SG7 88.5 
47.9 2.5 




Vu (2013): Frankford, MO (TS-F2) O-Cell to SG 
2 
1070 1374.2 3.6 
Vu (2013): Frankford, MO (TS-F3) 
SG 1 to SG 2 712 981.5 
16.5 
Vu (2013): Frankford, MO (TS-F3) 
SG 2 to SG 3 270 
293.5 16.5 
Vu (2013): Frankford, MO (TS-F4) O-Cell to SG 
2 
1650 2054.1 8.4 
Vu (2013): Frankford, MO (TS-F5) O-Cell to SG 
2 
312 469.2 16.5 
Vu (2013): Frankford, MO (TS-F5) 
SG 2 to SG 3 720 
1180.7 15.5 
Vu (2013): Frankford, MO (TS-F6) O-Cell to SG 
1 
1070 1424.4 15.0 
Vu (2013): Frankford, MO (TS-F7) O-Cell to SG 
1 






Table 9.2 Normalized Penetration rate and tip resistance measurements at drilled 








IL 133 over Embarras River 233 2.80 32.3 
IL 89 over Illinois River 625 21.22* 15.0 
Vu (2013): Frankford, MO (TS-F1) 560 12.06 5.94 
Vu (2013): Frankford, MO (TS-F2) 600 12.08* 2.74 
Vu (2013): Frankford, MO (TS-F3) 620 11.91* 8.23 
Vu (2013): Frankford, MO (TS-F4) 700 12.99 82.48 
Vu (2013): Frankford, MO (TS-F5) 700 11.98* 20.42 
Vu (2013): Frankford, MO (TS-F6) 650 14.24 118.87 
Vu (2013): Frankford, MO (TS-F7) 600 11.91* 24.05 
Vu (2013): Frankford, MO (TS-F8) 620 11.93* 2.38 
Vu (2013): Frankford, MO (TS-F9) 320 4.02* 5.64 
Vu (2013): Frankford, MO (TS-F10) 340 4.10* 11.13 
 *Values of the ultimate tip resistance are extrapolated/deduced from the load settlement 





Figure 9.6 Normalized Penetration rate versus measured unit side resistance in weaks shales  
 
Figure 9.7 Normalized Penetration rate versus measured unit tip resistance in weak shales 
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The MSPT design method proposed herein provides an economic solution for 
situations where the shale is highly weathered, and obtaining undisturbed/high-quality cores 
for laboratory testing is difficult. More importantly, it is anticipated that the MSPT-based 
design method will be preferred because it reduces or omits expensive and time-consuming 
shale-rock coring and subsequent laboratory triaxial compression testing. This will decrease 
the time and cost required to develop design parameters for drilled-shaft design in weak 
shales. It is anticipated future drilled-shaft designs will be based, at least in part, on the 
proposed MSPT-based method described below: 
 
Unit Side Resistance  
 




  where: 
fs              = unit side resistance of drilled shafts socketed into weak shale, MPa 
(NRate)90 = MSPT penetration rate corrected for 90% of the theoretical energy and 
various field procedures. (NRate)90 is calculated based on the procedure 
outlined in Chapter 6, blow per foot  
 








    













qt = tip resistance, kPa 
qtu = ultimate tip resistance, kPa 
(NRate)90 = MSPT penetration rate corrected for 90% of the theoretical energy and 
various field procedures, bpf 
δ   tip movement, cm 
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D = tip diameter, cm 
 
dc   Skempton’s depth correction factor   1.0   0.  L/D ≤ 1.   
L = embedment depth in weak rock, in. 
 
The Limits to the unit side and tip resistance in equation 9.3 & 9.4 are set based on the 
measured values of these resistances in weak shales that exhibit unconfined compressive 
strength between 0.5 to 5.0 MPa.  
9.5 LOAD AND RESISTANCE FACTOR DESIGN 
The first-order second-moment (FOSM) method as defined in NCHRP-507 
(Paikowsky et al. 2004) with the modification proposed by Bloomquist et al. (2007) is used 
herein to calculate the load-resistance factor for the design method developed in this study. 
The modified FOSM approach was also checked against the first order reliability method 
(FORM) and both approaches yielded approximately the same resistance factors. Tables 4.1 
and 4.2 provide information of the load tests considered in the resistance factor calculations. 
The modified FOSM formula used herein to determine the resistance factor ( )   
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λR  = bias factor (mean value of the measured to predicted resistance (Rm/Rp) 
(calculated based on the analysis of the load test database) 
COV D
 = coefficient of variation for dead load (0.1) 
COV L
 = coefficient of variation for live load (0.2) 
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COVR = coefficient of variation for resistance (calculated based on the analysis of the 
load test database) 
 T  = target reliability index (3.0) 
𝛾D  = load factor for dead loads (1.25) 
𝛾L  = load factor for live loads (1.75) 
QD/ QL = ratio of dead load to live load (2.0) 
  D  = bias factor for dead load (1.05) 
     = bias factor for live load (1.15) 
 
The resistance factor allows geotechnical engineers to adopt load and resistance 
factor design to be consistent with structural design of the bridge superstructure (Brown et al. 
2010). The FOSM method requires quantifying the inherent uncertainty of the loads and 
resistances with a bias and coefficient of variance (COV), as well as the target reliability.  
 
Statistical analyses were performed on two sets of drilled-shaft load-test data to 
quantify the COV and bias of the new prediction method proposed herein. Bias is defined as 
the average ratio of measured to predicted capacity and reflects how well the predicted 
capacity agrees with the measured one on average. Alternatively, the COV reflects the 
consistency of the method to predict the measured axial capacity (Long and Anderson 2012). 
The first set of data includes 14 load-test cases where total resistance (i.e., combined side and 
tip resistance) is reported. The second data set includes separate measurements for side and 
tip resistance for 90 load tests. Analysis of these two data sets yielded a resistance factor of 
0.55, which is a little higher than the 0.5 that is recommended in FHWA-NHI-10-016 for 
cohesive IGMs (e.g., weak shales). Because the resistance-factor calculations performed 
herein are based on a limited number of load tests, it is recommended that a resistance factor 
of 0.5 be used for drilled-shaft design in weak, fine-grained rocks and also to be consistent 
with FHWA-NHI-10-016 recommendations. This resistance factor should be applied to the 
total axial resistance or capacity of the drilled shaft. The resulting equation to estimate the 





















Q design factored resistance,kips
LRFD resistance factor 0.50
f unit side resistance, ksf
P rock socket perimeter, ft
L rock socket length, ft
q unit tip resistance, ksf
A roc 2k socket tip area, ft
 
9.6 SUMMARY 
A new prediction method is proposed in this chapter for the axially loaded drilled 
shafts in weak shales. The prediction method is based on load tests database for drilled shafts 
in weak shales and other weak fine-grained rocks such as mudstones and claystones. 
Penetration rates measured at load test sites where weak shale are present are also used to 
develop an MSPT based design method.  The MSPT design method proposed herein provides 
an economic solution for situations where the shale is highly weathered, and obtaining 
undisturbed/high-quality cores for laboratory testing is difficult. 
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CHAPTER 10 SUMMARY AND CONCLUSIONS 
 
10.1 SUMMARY  
Weak Pennsylvanian shales are frequently encountered at shallow depths in Illinois. 
Drilled shafts are increasingly used in weak shales and other weak rocks because they are 
easy to construct and are more economical compared to other deep foundation options. 
Design of drilled shafts in weak shales requires knowledge of the compressibility and 
strength properties in weak shales, however, obtaining good quality core samples for 
laboratory testing is often difficult to impossible. In this study, the standard penetration test is 
modified and calibrated to fit the penetration typically measured in weak shales. The new test 
is termed the modified standard penetration test (MSPT) and uses the penetration rate not the 
sum of penetration blow counts.  Correlation between the unconfined compressive strength 
and the penetration rates and a correlation bet een undrained Young’s modulus and 
penetration rate are proposed herein based on subsurface investigation in twenty-one weak 
shale sites.  
Penetration rate measurements in weak shales were also conducted in sixteen drilled 
shaft load tests. Design correlation for unit side and tip resistance in weak shales were then 
developed based on the penetration measurements in weak shales. These design correlations 
provide an economic solution for situations where the shale is highly weathered, and 
obtaining undisturbed/high-quality cores for laboratory testing is difficult. Two full scale 
load tests were also conducted during this study to investigate the load transfer mechanism 
and the magnitudes of the mobilized side and tip resistance of weak-shale socketed drilled 
shafts. In addition, a database for measured side and tip resistance of drilled shafts socketed 
in weak shales were collected from the literature and used to develop design correlation for 
axially loaded drilled shafts in weak shales. The following paragraph summarizes the major 





10.2 MAJOR FINDINGS  
10.2.1 Subsurface Investigation and Laboratory testing 
A subsurface investigation was conducted at 21 weak Pennsylvanian shale sites in 
Illinois. At each weak shale site at least 2 boreholes were conducted, one for weak shales and 
the other for penetration rate measurements. The main objectives of this exploration were to 
(1)  investigate the relationship between the penetration rate and the strength and 
compressibility of weak shales.  and to (2) investigate the strength and compressibility 
properties of weak shale in Illinois. The following is a summary of the major findings: 
 
 Laboratory results on weak Pennsylvanian shales indicated that unconfined 
compressive strength and the undrained Young’s modulus are related. The average 
ratio of the undrained moduli to unconfined compressive strength was 40:1. The ratio 
tend to slightly increase with decreasing in situ moisture content. 
 SPT hammer-energy measurements for all drill rigs used in MSPT penetration-rate 
measurements used herein imparted an average energy of 90% of the theoretical 
maximum hammer energy. A normalized penetration rate, (NRate)90, was developed 
herein to improve the reliability of the proposed correlation between the MSPT 
penetration rate and the unconfined compressive strength and undrained Young’s 
modulus of weak shales.. 
 Energy-based correlations between unconfined compressive strength and normalized 
MSPT penetration rate was developed for Illinois weak shales, i.e., 
   (kPa)    .            . This correlation can be used with the MSPT penetration 
rate for drilled-shaft design, especially when obtaining high-quality shale samples for 
triaxial compression testing is difficult or impossible. The use of MSPT penetration 
rates for drilled-shaft design should reduce the design time and costs by reducing or 
eliminating shale coring and laboratory triaxial compression testing. 
 Energy-based correlations bet een undrained Young’s Modulus and normalized 
MSPT penetration rate was developed for Illinois weak shales, i.e., 
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   (kPa)    .            . This correlation can be used with the MSPT penetration 
rate for drilled-shaft design, especially when obtaining high-quality shale samples for 
triaxial compression testing is difficult or impossible. The use of MSPT penetration 
rates for drilled-shaft design should reduce the design time and costs by reducing or 
eliminating shale coring and laboratory triaxial compression testing. 
 Undrained modulus was correlated with the in situ water content. This correlation can 
be used for estimating the modulus of shales for preliminary settlement analysis of 
bridge piers when site-specific data are not available or to evaluate site-specific data 
and laboratory testing. 
 
10.2.2 AXIAL CAPACITY OF DRILLED SHAFTS IN WEAK SHALES 
Two load test databases for unit side and tip resistance of drilled shafts in weak shales 
and other weak fine-grained rocks were collected from the literature and used to statistically 
evaluate the existing side- and tip-resistance design methods. These load-test databases were 
also used to develop new design correlation that can better predict the axial capacity of 
drilled shaft in weak shales reliability based resistance factors were developed for the 
proposed design methods 
 
UNIT SIDE RESISTANCE 
Findings related to drilled-shaft unit side resistance include the following: 
 
 This study recommends a linear function to predict unit side resistance in weak 
shales—instead of the power functions commonly used to correlate rock undrained 
compressive strength to measured unit side resistance in a drilled-shaft load test. The 
linear equation recommended for drilled-shaft design in Illinois shales is 
fs MPa   0. 1  u ≤  1.   MPa 
 Side resistance does not change significantly with changes in shaft diameter.  
 After ultimate unit side resistance is mobilized, additional drilled-shaft displacement 
along the drilled-shaft/weak-rock interface does not decrease unit side resistance. 
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UNIT TIP RESISTANCE 
Findings related to drilled-shaft unit tip resistance include the following: 
 Available prediction methods (with the exception of the methods of Abu-Hejleh et al. 
[2003], Abu-Hejleh and Attwooll [2005], and the Canadian Foundation Engineering 
Manual, [Canadian Geotechnical Society 2006]) correlate only the measured tip 
resistance in load tests to the unconfined compressive strength of weak rock.  
 Analysis of load-test data assembled herein indicates that mobilized tip resistance is 
governed not only by the undrained compressive strength of weak rock but also by 
drilled-shaft tip movement during loading and depth of embedment of the drilled 
shaft in the weak rock, i.e., rock socket. Therefore, prediction methods for tip 
resistance should account for all of these factors, not just unconfined compressive 
strength.  
 The load-test database developed herein was used to develop a tip-capacity design 
method that can account for these factors. The new method uses settlement and 
strength criteria to predict unit tip resistance, and the recommended equation for 
drilled-shaft tip resistance in Illinois shales is  
 
t
  1.       ⁄
    
   
u
 dc ≤  .0  u dc  
10.3 MSPT DESIGN METHOD 
MSPT penetration rate measurements at sixteen load test sites were conducted during 
this study and are used to develop design correlation for unit side and tip resistance 
for weak-shale socketed drilled shafts the two design correlations are:   
 
fs  kPa   1. 0 (NRate)90  ≤  1  0 kPa 
 
t




    
 ≤ 1 .  (NRate)90 dc 
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10.4 RECOMMENDATION FOR FUTURE WORK 
The present study makes the following recommendations for future research 
 
 In this study, the strength and compressibility of the weak shales were primarily 
measured using the unconfined compression test. It is recommended to measure these 
parameters using unconsolidated undrained triaxial compression tests to investigate 
the effect of confinement on the proposed penetration measurement correlations. 
 
 Measure penetration rates at more drilled shaft load tests to refine/evaluate the MSPT 
design correlations proposed here. 
 
 Measure the side wall roughness profiles of drilled shafts socketed in weak shales and 
investigate in depth its effect on the mobilized side resistance. Current roughness 
profile measurements in weak shales shows that they significantly vary from smooth 
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APPENDIX A FIELD EXPLORATION AT CH-9 OVER I-74 
A.1 BACKGROUND 
Figure A.1 shows the proposed location of CH-9 over I-74 bridge site, located in Knox 
County, just north of Knoxville, Illinois. This three span bridge structure is designed to carry 
two-lane highway over the I-74. North and South abutments of this bridge are supported on 
driven H-piles foundations. Piers 1 and 2, are supported by shallow foundations resting on 




Figure A.1: Location of CH-9 over I-74 bridge near city of Knoxville. 
  
Figure A.2: Location of boring holes at CH-9 over I-74. 
Location of borings 
near north abutment 
CH-9 over I-74 
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Figure A.2 shows a plan view of CH-9 over the I-74 bridge structure and the location of the 
borings drilled on  March 20, 2014 by Bulldog Engineering crew and the UIUC research 
team. Two borings were advanced near the north abutment. These borings were drilled to the 
elevation of 710.0 feet. 
One of the two borings drilled for each pier was used to obtain shale core. Initially rock cores 
were used for determination of recovery ratio, RQD of the rock mass, and vertical spacing of 
joints. Afterwards unconfined compression tests were conducted on the retrieved shale 
specimens. The in situ water content of the shale specimens used in the triaxial compression 
tests was also measured for correlation purposes. Triaxial test results were also used to 
determine the deformability characteristics of shale under undrained loading conditions.  
The second boring was used to obtain MSPT blow counts at various depths. This data was 
used to develop a new correlation between undrained compressive strength of weak shale in 
Illinois and MSPT penetration rate. The following sections discuss geology of the bridge site, 
MSPT test results, and laboratory test results. 
A.2 SITE GEOLOGY 
The geology at the bridge site consists of 10 feet of weak to stiff silty clay overlying 
sedimentary bedrock, e.g., shale and sandstone. The ground surface elevation at the north 
abutment is about 748.0 Weathered gray clay shale was exposed at an elevation of about 738 
feet. Sandstone layer was exposed at elevation of 710.0 feet where the drilling was 
terminated. Laboratory test results are summarized in Table A.1. 
A.3 MODIFIED STANDARD PENETRATION TEST RESULTS 
Figure A.3 shows the Modified Standard Penetration Test results obtained in one of the two 
borings at CH-9 over I-74. 
A.4 LABORATORY TEST RESULTS 
A.4.1 Moisture Content and Total Unit Weight 
Figure A.4 shows the total unit weight profile at the CH-9 over I-74 site. The total unit 
weight of shale was computed in accordance with ASTM D7263.  
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Shale specimens from unconsolidated undrained and unconfined compressive tests were used 
for determination of in situ water content. The resulting water content profile is shown in 








Figure A.4 Total unit weight profile. 
 
 
Figure A.5 In situ moisture content profile.  
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A.4.2 Triaxial Compression Test Results 
Unconfined compression tests were performed in accordance with ASTM D7012–14 
(method D). The peak deviator stress was used to calculate the undrained compressive 
strength for each test. The resulting undrained compressive strengths are shown in Table A.1. 
A.4.3 Young’s Modulus of Shale Specimen 
Young’s modulus  as measured from results of triaxial tests in accordance to ASTM 
D7012–14 (method D). In short, the modulus was calculated from the slope of the stress-
strain relationships that correspond to 50% of mobilized undrained compressive strength. 
Figure A.6 sho s the relationship bet een Young’s modulus and undrained compressive 
strength for the shale core tested from the CH-9 over I-74 site. This data was also used to 
develop a relationship bet een Young’s modulus and shale natural  ater content (see Figure 
A.7). The unconfined compressive strength to the undrained Young’s modulus ratio sho n in 
Figure A.6 agrees well with the general trends observed in Phase 1 & 2 of this study. The 
site-specific relationship bet een undrained Young’s modulus and the in situ  ater content is 
also shown in Figure A.7. Table A.1 summarizes all of the data obtained from the laboratory 
testing and evaluation. 
 
  
Figure A.6 Relationship between undrained compressive  




Figure A.7 Relationship between in situ moisture  
content and Young’s modulus. 
 
Table A.1 Laboratory Data Summary at the CH-9 over I-74 
Specimen Identification  GB-S1 GB-S2 GB-S3 
Core Run Number 1 1 1 
Depth (ft.) 12.8 13.3 13.8 
Initial Water Content (%) 11.6 14.1 17.7 
Total Unit Weight (pcf) 133.0 129.7 129.3 
Undrained Compressive Strength 
(ksf) 
46.6 10.6 6 
Strain at Peak Strength (%) - - - 
Young’s Modulus (ksf) 1658.6 205.1 120.1 
Recovery (%) 83 83 83 
Rock Quality Designation (%)  50 50 50 
Joint Average Vertical Spacing (in) 10 10 10 
















Table A.1 (continued)  
Specimen Identification  GB-S4 GB-S5 GB-S6 
Core Run Number 1 1 1 
Depth (ft.) 14.3 15.0 16.1 
Initial Water Content (%) 16.2 14.2 16.8 
Total Unit Weight (pcf) 128.3 131.0 133.45 
Undrained Compressive Strength 
(ksf) 
10 5.6 7.2 
Strain at Peak Strength (%) - - - 
Young’s Modulus (ksf) 172.3 115.1 182.1 
Recovery (%) 83 83 83 
Rock Quality Designation (%)  50 50 50 
Joint Average Vertical Spacing (in) 10 10 10 











Specimen Identification  GB-S7 GB-S8 GB-S9 
Core Run Number 1 1 2 
Depth (ft.) 18.1 19.3 21.1 
Initial Water Content (%) 14 13.7 14.1 
Total Unit Weight (pcf) 130.5 130.9 133.7 
Undrained Compressive Strength 
(ksf) 
6.9 8.1 7.4 
Strain at Peak Strength (%) - - - 
Young’s Modulus (ksf) 200 245.6 205.1 
Recovery (%) 83 83 100 
Rock Quality Designation (%)  50 50 60 
Joint Average Vertical Spacing (in) 10 10 12 













Table A.1 (continued)  
Specimen Identification  GB-S10 GB-S11 GB-S12 
Core Run Number 2 2 2 
Depth (ft.) 21.4 21.8 24.9 
Initial Water Content (%) 12.1 10.9 10 
Total Unit Weight (pcf) 133.0 137.5 136.9 
Undrained Compressive Strength 
(ksf) 
30.3 65 69.1 
Strain at Peak Strength (%) - - - 
Young’s Modulus (ksf) 1064.6 2577.8 2974.5 
Recovery (%) 100 100 100 
Rock Quality Designation (%)  60 60 60 
Joint Average Vertical Spacing (in) 3-8 3-8 3-8 











Specimen Identification  GB-S13 GB-S14 GB-S15 
Core Run Number 2 2 3 
Depth (ft.) 25.2 25.6 26.5 
Initial Water Content (%) 15.1 11.9 11.0 
Total Unit Weight (pcf) 128.5 136.0 140.6 
Undrained Compressive Strength 
(ksf) 
9.0 31.2 82.8 
Strain at Peak Strength (%) - - - 
Young’s Modulus (ksf) 276.4 958.0 4776.1 
Recovery (%) 100 100 100 
Rock Quality Designation (%)  60 60 66 
Joint Average Vertical Spacing (in) 5 5 10 












Table A.1 (continued)  
Specimen Identification  GB-S14 GB-S15 GB-S16 
Core Run Number 3 3 3 
Depth (ft.) 27.9 28.5 29.0 
Initial Water Content (%) 15.1 11.9 11.0 
Total Unit Weight (pcf) 128.5 136.0 140.6 
Undrained Compressive Strength 
(ksf) 
11.4 45.2 34.9 
Strain at Peak Strength (%) - - - 
Young’s Modulus (ksf) 488.9 2373.4 885.6 
Recovery (%) 100 100 100 
Rock Quality Designation (%)  66 66 66 
Joint Average Vertical Spacing (in) 10 10 10 











APPENDIX B FIELD EXPLORATION AT CH-10 OVER THE BUCK 
CREEK 
B.1 BACKGROUND 
Figure B.1 shows location of CH10 over the Buck creek, located in Clay County, just North 
Flora, Illinois. This single span bridge structure carries a two-lane highway over the Buck 





















Figure B.1 Location of CH10 over the Buck Creek. 
Two borings were advanced near west abutment on September 18, 2014 by District 7 drilling 
crew. These borings were drilled to an elevation of 408.2 feet. The first boring was used to 
obtain shale core samples. Initially rock cores were used for determination of recovery ratio, 
RQD of the rock mass, and vertical spacing of joints. Afterwards unconfined compression 
tests were conducted on the retrieved weak shales specimens. The in situ water content of the 
shale specimens used in the unconfined compression tests was also measured for correlation 
purposes. The unconfined compression test results were also used to determine the 
deformability characteristics of shale under undrained loading conditions.  The second boring 
was used to obtain MSPT blow counts at various depths. These data were used to 
CH-10 over the Buck 
creek 
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improve/check the correlation between undrained compressive strength of weak shale in 
Illinois and MSPT penetration rates developed in Phase of this study. The following sections 
discuss geology of the bridge site, MSPT test results, and laboratory test results 
B.2 SITE GEOLOGY 
The geology at the bridge site consists of about 25 feet of weak silty clay, overlying 
sedimentary bedrock. The ground surface elevation at the two borings, is about 443.2.0 feet. 
A fairly continuous layer of thinly bedded clay shale was exposed at an elevation of 418.2 
feet and extended to elevation of 408.2 feet where coring was terminated. Laboratory test 
results are summarized in Table B.1. 
B.3 MODIFED STANDARD PENETRATION TEST RESULTS 
Figure B.2 shows the Modified Standard Penetration Test results obtained in one of the 
borings at CH10 over the Buck Creek. 
 
 
Figure B.2 Modified Standard Penetration Test results. 
  
211 
B.4 LABORATORY TEST RESULTS 
B.4.1 Moisture Content and Total Unit Weight 
Figure B.3 shows the total unit weight profile at the CH10 over the Buck Creek site. The 
total unit weight of the encountered shales was computed in accordance with ASTM D7263. 
Shale specimens from unconfined compressive tests were used for determination of in situ 
water content. The resulting water content profile is shown in Figure B.4. Water content of 
the Shales was determined in accordance with ASTM D2216. 
 
 
Figure B.3 Total unit weight profile.  
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Figure B.4 In situ moisture content profile. 
B.4.2 Triaxial Compression Test Results 
Unconfined triaxial compression tests were performed in accordance with ASTM D7012–14 
(method D). The peak deviator stress was used to calculate the undrained compressive 
strength for each test. The resulting undrained compressive strengths are shown in Table B.1. 
B.4.3 Young’s Modulus of Shale Specimen 
Young’s modulus  as measured from results of triaxial tests in accordance to ASTM 
D7012–14 (method D). In short, the modulus was calculated from the slope of the stress-
strain relationships that correspond to 50% of mobilized undrained compressive strength. 
Figure B.  sho s the relationship bet een Young’s modulus and undrained compressive 
strength for the shales core tested from the CH10 over the Buck Creek site. This data was 
also used to develop a relationship bet een Young’s modulus and natural  ater content (see 





Figure B.5 Relationship between undrained compressive  
strength and Young’s modulus. 
 
Figure B.6 Relationship between in situ moisture  




Table B.1 Laboratory Data Summary at the CH10 over the Buck Creek 
Specimen Identification  BKC-S1 BKC -S2 BKC -S3 
Core Run Number 1 1 2 
Depth (ft.) 26.5 28.0 30 
Initial Water Content (%) 10.5 8.2 7.5 
Total Unit Weight (pcf) 135 142 145 
Undrained Compressive Strength (ksf) 4.35 22 38.0 
Strain at Peak Strength (%) - 3.5 5.0 
Young’s Modulus (ksf) 290 810.5 2110.5 
Recovery (%) 70 70 100 
Rock Quality Designation (%)  55 55 75 
Joint Average Vertical Spacing (in)  1 to 2 1 to 2 1 to 2 















APPENDIX C FIELD EXPLORATION AT IL 89 OVER THE 
ILLINOIS RIVER  
C.1 BACKGROUND 
Figure C.1 shows the location of IL 89 over Illinois River bridge site, located in Putnam 
County, just south of Spring Valley, Illinois. The eight-span bridge structure carries a two-
lanes highway over Illinois River and connects Putnam and Bureau counties via IL-89. The 
north and south abutments of the bridge together with Piers 1,6 & 7 are supported on driven 
H-piles. Piers 2 to 5 are supported on drilled shafts socketed into the underlying sedimentary 
rocks.  
 
Figure C.1 Location of IL 89 over Illinois River. 
 
Figure C.2 Location of boring holes at IL 89 over Illinois River. 




Figure C.2 shows a plan view of IL 89 over Illinois River structure and the location of the 
sixteen (16) borings drilled between May to October 2014 by Wang Engineering and District 
3 drilling crew. The sixteen borings included two borings for each of the seven bridge piers 
plus another two for the test shaft near Pier 1 (see Chapter 5)  
One of the two borings was used to obtain core samples. Initially rock cores were used for 
determination of recovery ratio, RQD of the rock mass, and vertical spacing of joints. 
Afterwards unconfined compression tests were conducted on the retrieved shale specimens. 
The in situ water content of the specimens used in the unconfined compression test was also 
measured for correlation purposes. The unconfined compression test results were also used to 
determine the deformability characteristics of the weak rock under undrained loading 
conditions.  
The second boring was used to obtain MSPT blow counts at various depths. This data was 
used to check the applicability of the proposed correlation between undrained compressive 
strength in Illinois and MSPT penetration rate to shales. The following sections discuss 
geology of the bridge site, MSPT test results, and laboratory test results 
C.2 SITE GEOLOGY 
The geology at the site is primarily from the Quaternary and Pennsylvanian periods; the 
makeup of the other soils is from excavated and fill materials.  The overburden at the site 
consists almost exclusively of materials from a number of formations in the Quaternary 
System.  These formations range in composition from alluvial, eolian, or glacial deposits to a 
depth of approximately 50 ft.  In terms of an engineering description, the overburden consists 
of largely of silts and clays with trace sand and the occasional sand and gravel lenses. 
The north (Piers 1, 2, and 3) and south approaches (Piers 6, and 7), from the ground surface 
going downward, are underlain by excavated and fill materials, then by shales from the Bond 
and Mattoon Formations from the Pennsylvanian System. Willman et al, 1967 describe these 
formations as consisting of green to red shale, with medium gray fossililiferous limestone, 
medium to dark grayish green mudstone, and medium gray grainstone.  Indeed shale, albeit 
medium to dark gray in color, was found at depths from approximately 50 to 90 ft; a coal 
seam with underclay was consistently encountered near depths of 85 ft.  At 90 ft, the shale 
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transitioned to light to medium gray lime mudstone and continued through 120 ft, where the 
majority of borings were terminated.   
The piers located in the river (Piers 3 and 4), from the ground surface going downward, are 
underlain by sands from the Cahokia Formation in the Quarternary System, then by shales 
from the Bond and Mattoon Formations from the Pennsylvanian System (ISGS map).  As 
with the north and south abutments, shale was found from depths of 50 to 90 ft with a coal 
seam and underclay near 85 ft.  Again as with with north and south abutments, the shale 
transitioned at 90 ft to a lime mudstone to 120 ft where the borings were terminated.  
Laboratory test results are summarized in Table C.1. 
C.3 MODIFED STANDARD PENETRATION TEST RESULTS 
Figure C3 to C10 show the Modified Standard Penetration Test results for the eight MSPTs 
conducted at the IL 89 over Illinois River piers and test shaft location.   
 
 




Figure C.4 Modified Standard Penetration Test results for Pier 2. 
 
 




Figure C.6 Modified Standard Penetration Test results for Pier 4. 
 
 




Figure C.8 Modified Standard Penetration Test results for Pier 6 
 
 




Figure C.10 Modified Standard Penetration Test results at the test shaft Location 
C.4 LABORATORY TEST RESULTS 
C.4.1 Moisture Content and Total Unit Weight 
Figure C.11 shows the total unit weight profile at the IL89 over the Illinois River site. The 
total unit weight of the encountered sedimentary rock was computed in accordance with 
ASTM D 7263. Shale specimens from unconfined compressive tests were used for 
determination of in situ water content. The resulting water content profile is shown in Figure 





Figure C.11 Total unit weight profile.  
 
  
Figure C.12 In situ moisture content profile. 
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C.4.2 Triaxial Compression Test Results 
Unconfined triaxial compression tests were performed in accordance with ASTM D7012–14 
(method D). The peak deviator stress was used to calculate the undrained compressive 
strength for each test. The resulting undrained compressive strengths are shown in Table C.1. 
C.4.3 Young’s Modulus of Shale Specimen 
Young’s modulus  as measured from results of triaxial tests in accordance to ASTM 
D7012–14 (method D). In short, the modulus was calculated from the slope of the stress-
strain relationships that correspond to 50% of mobilized undrained compressive strength. 
Figure C.1  sho s the relationship bet een Young’s modulus and undrained compressive 
strength for the shale cores tested from the IL 89 over the Illinois River site. This data was 
also used to develop a relationship bet een Young’s modulus and natural  ater content (see 
Figure C.1 ). The unconfined compressive strength to the undrained Young’s modulus ratio 
shown in Figure C.13 agrees well with the general trends observed in Phase 1 & 2 of this 
study. The site-specific relationship bet een undrained Young’s modulus and the in situ 
water content is also shown in Figure C.14. Table C.1 summarizes all of the data obtained 
from the laboratory testing and evaluation. 
 
Figure C.13 Relationship between undrained compressive  




Figure C.14 Relationship between in situ moisture  




Table C.1 Laboratory Data Summary at the IL 89 over the Illinois River 
Specimen Identification  SV-101-60.8 SV-101-61.9 SV-101-62.9 
Borehole Number 101C 101C 101C 
Core Run Number 1 1 1 
Depth (ft.) 60.8 61.9 62.9 
Initial Water Content (%) 11.3 11.3 - 
Total Unit Weight (pcf) 134.1 126.7 - 
Undrained Compressive Strength (ksf) 33.9 25.7 24.6 
Young’s Modulus (ksf) 732.2 593 477.7 
Recovery (%) 79 79 79 
Rock Quality Designation (%)  64 64 64 













Specimen Identification  SV-101-65.6 SV-101-70.5 SV-101-72.6 
Borehole Number 101C 101C 101C 
Core Run Number 1 3 3 
Depth (ft.) 65.6 70.5 72.6 
Initial Water Content (%) 11 - - 
Total Unit Weight (pcf) 132.2 - - 
Undrained Compressive Strength (ksf) 24.6 81.8 79 
Young’s Modulus (ksf) 459.4 2146.0 2204 
Recovery (%) 79 96 96 
Rock Quality Designation (%)  64 87 87 













Specimen Identification  SV-101-76.5 SV-101-78.25 SV-101-80.5 
Borehole Number 101C 101C 101C 
Core Run Number 3 3 4 
Depth (ft.) 76.5 78.25 80.5 
Initial Water Content (%) 11 - - 
Total Unit Weight (pcf) 132.2 - - 
Undrained Compressive Strength (ksf) 99.7 127.4 68.4 
Young’s Modulus (ksf) 2222.3 2606.6 3182.7 
Recovery (%) 96 96 100 
Rock Quality Designation (%)  87 87 54 













Table C.1 (continued)  
Specimen Identification  SV-101-82.25 SV-101-83.9 SV-101-91.25 
Borehole Number 101C 101C 101C 
Core Run Number 4 4 5 
Depth (ft.) 82.25 83.9 91.25 
Initial Water Content (%) - 9.8 - 
Total Unit Weight (pcf) - 139.5 - 
Undrained Compressive Strength (ksf) 118.4 33.6 3.6. 
Young’s Modulus (ksf) 2588.9 2013.6 1327.3 
Recovery (%) 100 100 98 
Rock Quality Designation (%)  54 54 65 




Under clay  
 
Specimen Identification  SV-101-92.8 SV-101-95.3 SV-101-97.3 
Borehole Number 101C 101C 101C 
Core Run Number 5 5 5 
Depth (ft.) 92.8 95.3 97.3 
Initial Water Content (%) 10.8 6.8 7.7 
Total Unit Weight (pcf) 136.4 140.2 141.7 
Undrained Compressive Strength (ksf) 8.4 41.1 44.2 
Young’s Modulus (ksf) 782.2 8527.7 5896.77 
Recovery (%) 98 98 98 
Rock Quality Designation (%)  65 65 65 






Specimen Identification  SV-101-99.5 SV-101-101.5 SV-101-103.5 
Borehole Number 101C 101C 101C 
Core Run Number 5 6 6 
Depth (ft.) 99.5 101.5 103.5 
Initial Water Content (%) - - - 
Total Unit Weight (pcf) - - - 
Undrained Compressive Strength (ksf) 31.9 22.4 383.7 
Young’s Modulus (ksf) 4106.7 1911.4 58575.1 
Recovery (%) 98 100 100 
Rock Quality Designation (%)  65 99 99 



















Table C.1 (continued)  
Specimen Identification  SV-101-104.3 SV-101-107.5 SV-101-108.8 
Borehole Number 101C 101C 101C 
Core Run Number 6 6 6 
Depth (ft.) 104.3 107.5 108.8 
Initial Water Content (%) - - - 
Total Unit Weight (pcf) - - - 
Undrained Compressive Strength (ksf) 297.2 139.2 133.6 
Young’s Modulus (ksf) 10152.2 5814.5 6264.4 
Recovery (%) 98 100 100 
Rock Quality Designation (%)  65 99 99 



















Specimen Identification  SV-101-110.8 SV-101-111.7 SV-101-113.7 
Borehole Number 101C 101C 101C 
Core Run Number 6 6 6 
Depth (ft.) 104.3 107.5 108.8 
Initial Water Content (%) 4.7 - - 
Total Unit Weight (pcf) 150.3 - - 
Undrained Compressive Strength (ksf) 111.3 139.3 148.9 
Young’s Modulus (ksf) 5785.1 5007.8 7694.0 
Recovery (%) 100 100 100 
Rock Quality Designation (%)  99 99 99 





















Table C.1 (continued)  
Specimen Identification  SV-101-116.3 SV-101-117.6 SV-101-118.9 
Borehole Number 101C 101C 101C 
Core Run Number 7 7 7 
Depth (ft.) 116.3 117.6 118.9 
Initial Water Content (%) - - - 
Total Unit Weight (pcf) - - - 
Undrained Compressive Strength (ksf) 155.8 205.2 160 
Young’s Modulus (ksf) 968.0 11318.5 7480.7 
Recovery (%) 100 100 100 
Rock Quality Designation (%)  95 95 95 
















Specimen Identification  SV-102-64.2 SV-102-67.0 SV-102-68.3 
Borehole Number 102C 102C 102C 
Core Run Number 4 4 4 
Depth (ft.) 64.2 67.0 68.3 
Initial Water Content (%) 9.9 10.4 10.1 
Total Unit Weight (pcf) 138.7 141.5 129.8 
Undrained Compressive Strength (ksf) 53.7 51.4 34.8 
Young’s Modulus (ksf) 987.7 965.5 487.8 
Recovery (%) 91 91 91 
Rock Quality Designation (%)  87 87 87 










Specimen Identification  SV-102-71.3 SV-102-95.0 SV-102-97.2 
Borehole Number 102C 102C 102C 
Core Run Number 4 7 7 
Depth (ft.) 71.3 95.0 97.2 
Initial Water Content (%) 13.1 11.3 7.3 
Total Unit Weight (pcf) 149.7 134.3 141.7 
Undrained Compressive Strength (ksf) 53.7 51.4 34.8 
Young’s Modulus (ksf) 987.7 965.5 487.8 
Recovery (%) 91 100 100 
Rock Quality Designation (%)  87 58 58 










Table C.1 (continued)  
Specimen Identification  SV-103-74.3 SV-103-76.9 SV-103-77.3 
Borehole Number 103C 103C 103C 
Core Run Number 2 2 2 
Depth (ft.) 74.3 76.9 77.3 
Initial Water Content (%) 8.3 9 8.9 
Total Unit Weight (pcf) 138.8 142.4 140.3 
Undrained Compressive Strength (ksf) 51.0 56.3 61.2 
Young’s Modulus (ksf) 1050.6 1127.8 1393.9 
Recovery (%) 98 98 98 
Rock Quality Designation (%)  84 84 84 
Sample Description 2 2 2 
 
Specimen Identification  SV-103-79.3 SV-104-62.5 SV-104-64.5 
Borehole Number 103C 104C 104C 
Core Run Number 2 1 1 
Depth (ft.) 79.3 62.5 64.5 
Initial Water Content (%) 8.9 13.5 3.3 
Total Unit Weight (pcf) 140.1 131.9 136.6 
Undrained Compressive Strength (ksf) 58.4 17.7 14.2 
Young’s Modulus (ksf) 1436.5 271.3 787.9 
Recovery (%) 98 100 100 
Rock Quality Designation (%)  84 36 36 











Specimen Identification  SV-104-66.6 SV-104-68.0 SV-104-70.5 
Borehole Number 104C 104C 104C 
Core Run Number 2 2 2 
Depth (ft.) 66.6 68.0 70.5 
Initial Water Content (%) 7.7 8.2 8.5 
Total Unit Weight (pcf) 141.5 139.9 138.3 
Undrained Compressive Strength (ksf) 109.8 93.6 83.6 
Young’s Modulus (ksf) 3506.7 2407.6 2050.4 
Recovery (%) 100 100 100 
Rock Quality Designation (%)  93 93 93 














Table C.1 (continued)  
Specimen Identification  SV-104-72 SV-104-74.5 SV-104-86.7 
Borehole Number 104C 104C 104C 
Core Run Number 2 2 4 
Depth (ft.) 72.0 74.0 86.7 
Initial Water Content (%) 8.1 8.0 7.5 
Total Unit Weight (pcf) 141.7 141.6 134.9 
Undrained Compressive Strength (ksf) 94.4 91.5 9.4 
Young’s Modulus (ksf) 2496.6 2002.8 703.8 
Recovery (%) 100 100 96 
Rock Quality Designation (%)  93 93 70 









Specimen Identification  SV-104-92 SV-104-105.1 SV-104-108.0 
Borehole Number 104C 104C 104C 
Core Run Number 4 5 6 
Depth (ft.) 92.0 105.1 108.0 
Initial Water Content (%) 7.8 4.8 6.3 
Total Unit Weight (pcf) 139.2 142.8 147.8 
Undrained Compressive Strength (ksf) 32.2 120.4 86.1 
Young’s Modulus (ksf) 1227.1 13883.4 4381.9 
Recovery (%) 96 100 100 
Rock Quality Designation (%)  70 77 81 








Specimen Identification  SV-104-110.4 SV-104-112.0 SV-104-114.0 
Borehole Number 104C 104C 104C 
Core Run Number 6 6 6 
Depth (ft.) 110.4 112 144 
Initial Water Content (%) 6.8 6.1 5.6 
Total Unit Weight (pcf) 147.6 145 149.5 
Undrained Compressive Strength (ksf) 144.8 141.8 117.3 
Young’s Modulus (ksf) 7561.8 5757.9 6664.9 
Recovery (%) 100 100 100 
Rock Quality Designation (%)  81 81 81 
Sample Description Gray Sandy to 
Silty Shale 
Gray Sandy to 
Silty Shale 





Table C.1 (continued)  
Specimen Identification  SV-104-116.8 SV-105-65.5 SV-105-68.0 
Borehole Number 104C 105C 105C 
Core Run Number 7 3 3 
Depth (ft.) 116.8 65.5 68.0 
Initial Water Content (%) 8 7.8 8.1 
Total Unit Weight (pcf) 146.4 140.7 138.3 
Undrained Compressive Strength (ksf) 110.3 76.0 86.5 
Young’s Modulus (ksf) 3653.5 1936.6 1884.1 
Recovery (%) 96 95 95 
Rock Quality Designation (%)  70 91 91 













Specimen Identification  SV-105-69.8 SV-105-71.6 SV-105-89.8 
Borehole Number 105C 105C 105C 
Core Run Number 3 3 5 
Depth (ft.) 69.8 71.6 89.8 
Initial Water Content (%) 8.1 7.8 8.5 
Total Unit Weight (pcf) 142.3 141.7 135.3 
Undrained Compressive Strength (ksf) 89.1 94.1 11.5 
Young’s Modulus (ksf) 2361.4 2113.1 1099.7 
Recovery (%) 95 95 100 
Rock Quality Designation (%)  91 91 88 
Sample Description Gray Shale 
Argillaceous 












Specimen Identification  SV-105-92.8 SV-105-99.5 SV-105-102.5 
Borehole Number 105C 105C 105C 
Core Run Number 5 6 6 
Depth (ft.) 92.8 99.5 102.5 
Initial Water Content (%) 9.5 5.8 5.5 
Total Unit Weight (pcf) 134 146.1 149.5 
Undrained Compressive Strength (ksf) 6.8 62.5 81.1 
Young’s Modulus (ksf) 207.6 3089.6 4849.5 
Recovery (%) 100 100 100 
Rock Quality Designation (%)  88 91 91 
Sample Description Gray Claystone 
with Limestone 
interclasts 
Gray Shale  Gray Shale 
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Table C.1 (continued)  
Specimen Identification  SV-105-103.7 SV-105-
108.3 
SV-105-110.3 
Borehole Number 105C 105C 105C 
Core Run Number 6 7 7 
Depth (ft.) 103.7 108.3 110.3 
Initial Water Content (%) 5.1 8.2 7.5 
Total Unit Weight (pcf) 147 141 143 
Undrained Compressive Strength (ksf) 135.1 58 58 
Young’s Modulus (ksf) 6452.2 6218.6 3224.9 
Recovery (%) 100 97 97 
Rock Quality Designation (%)  91 59 59 





Specimen Identification  SV-106-58.3 SV-106-63 SV-106-75.5 
Borehole Number 106C 106C 106C 
Core Run Number 2 2 5 
Depth (ft.) 58.3 63 75.5 
Initial Water Content (%) 12.9 12 9.2 
Total Unit Weight (pcf) 130.4 134.7 143 
Undrained Compressive Strength (ksf) 17.4 20.1 35.4 
Young’s Modulus (ksf) 311.6 239.3 1456.9 
Recovery (%) 83 88 89 
Rock Quality Designation (%)  60 80 76 









Specimen Identification  SV-106-76.8 SV-106-77.5 SV-106-78 
Borehole Number 106C 106C 106C 
Core Run Number 5 5 5 
Depth (ft.) 76.8 77.5 78 
Initial Water Content (%) 12.2 12.5 12.0 
Total Unit Weight (pcf) 127.6 136 137.4 
Undrained Compressive Strength (ksf) 32.3 15.9 15.9 
Young’s Modulus (ksf) 1508.2 590.7 595 
Recovery (%) 89 89 89 
Rock Quality Designation (%)  76 76 76 















Table C.1 (continued)  
Specimen Identification  SV-106-78.5 SV-106-88.5 SV-106-89.5 
Borehole Number 106C 106C 106C 
Core Run Number 5 7 7 
Depth (ft.) 78.5 88.5 89.5 
Initial Water Content (%) 12.9 11.7 13.0 
Total Unit Weight (pcf) 135.4 134.7 138 
Undrained Compressive Strength (ksf) 11.4 5.3 5.6 
Young’s Modulus (ksf) 485.4 411.6 652.1 
Recovery (%) 89 98 98 
Rock Quality Designation (%)  76 74 74 





Clay Shale  
 
Specimen Identification  SV-106-89.7 SV-106-96 SV-106-99.8 
Borehole Number 106C 106C 106C 
Core Run Number 7 8 8 
Depth (ft.) 135.6 140.8 140.9 
Initial Water Content (%) 9.7 7.4 6.7 
Total Unit Weight (pcf) 135.6 140.8 140.9 
Undrained Compressive Strength (ksf) 5.4 17.6 48.9 
Young’s Modulus (ksf) 652 703 1696 
Recovery (%) 98 99 99 
Rock Quality Designation (%)  74 92 92 









Specimen Identification  SV-106-100.8 SV-106-101.5 SV-106-104.5 
Borehole Number 106C 106C 106C 
Core Run Number 8 8 8 
Depth (ft.) 100.8 101.5 104.5 
Initial Water Content (%) 6.7 8.1 8.5 
Total Unit Weight (pcf) 139.5 140.2 142.2 
Undrained Compressive Strength (ksf) 32.1 39.1 44.4 
Young’s Modulus (ksf) 1319.9 845.1 1798.4 
Recovery (%) 99 99 99 
Rock Quality Designation (%)  92 92 92 










Table C.1 (continued)  
Specimen Identification  SV-107-68.5 SV-107-103.5 SV-107-113.5 
Borehole Number 107C 107C 107C 
Core Run Number 2 7 9 
Depth (ft.) 68.5 103.5 113.5 
Initial Water Content (%) 9.2 6.6 6.7 
Total Unit Weight (pcf) - - - 
Undrained Compressive Strength (ksf) 27.2 116.7 98.1 
Young’s Modulus (ksf) 645.5 4679.4 4927.8 
Recovery (%) 92 100 100 
Rock Quality Designation (%)  62 100 75 











Specimen Identification  SV-03-58.8 SV-03-59.6 SV-03-60 
Borehole Number 03C 03C 03C 
Core Run Number 1 1 1 
Depth (ft.) 58.8 59.6 60 
Initial Water Content (%) 11.1 10.6 11.1 
Total Unit Weight (pcf) 135.3 139.7 139.6 
Undrained Compressive Strength (ksf) 21.4 48 28 
Young’s Modulus (ksf) 463 520.1 451.5 
Recovery (%) 98 98 98 
Rock Quality Designation (%)  95 95 95 













Specimen Identification  SV-03-61.6 SV-03-62.5 SV-03-63.3 
Borehole Number 03C 03C 03C 
Core Run Number 1 1 2 
Depth (ft.) 58.8 59.6 60 
Initial Water Content (%) 11.7 - 10.9 
Total Unit Weight (pcf) 134.1 134.4 137.4 
Undrained Compressive Strength (ksf) 22.4 20 26.2 
Young’s Modulus (ksf) 361.1 293.3 434.2 
Recovery (%) 98 98 100 
Rock Quality Designation (%)  95 95 100 





Table C.1 (continued)  
Specimen Identification  SV-03-64.2 SV-03-64.6 SV-03-65.6 
Borehole Number 03C 03C 03C 
Core Run Number 2 2 2 
Depth (ft.) 64.2 64.6 65.6 
Initial Water Content (%) 12.4 12.5 12.2 
Total Unit Weight (pcf) - 134.8 134.2 
Undrained Compressive Strength (ksf) - 21.8 18.75 
Young’s Modulus (ksf) - 457 438.1 
Recovery (%) 100 100 100 
Rock Quality Designation (%)  100 100 100 













Specimen Identification  SV-03-66 SV-03-66.8 SV-03-67.3 
Borehole Number 03C 03C 03C 
Core Run Number 2 2 2 
Depth (ft.) 66.0 66.8 67.3 
Initial Water Content (%) 12.3 12.6 12.9 
Total Unit Weight (pcf) 134.6 - 131.0 
Undrained Compressive Strength (ksf) 26.6 - 24 
Young’s Modulus (ksf) 488.2 - 443.9 
Recovery (%) 100 100 100 
Rock Quality Designation (%)  100 100 100 













Specimen Identification  SV-03-68 SV-03-68.3 SV-03-70.2 
Borehole Number 03C 03C 03C 
Core Run Number 2 3 3 
Depth (ft.) 68 68.3 70.2 
Initial Water Content (%) 11 7.3 7.1 
Total Unit Weight (pcf) 138.3 144.4 142.5 
Undrained Compressive Strength (ksf) 31 87.2 115.4 
Young’s Modulus (ksf) 968 2388.4 2725.5 
Recovery (%) 100 98 98 
Rock Quality Designation (%)  100 83 83 
















Table C.1 (continued)  
Specimen Identification  SV-03-71 SV-03-71.4 SV-03-74.5 
Borehole Number 03C 03C 03C 
Core Run Number 3 3 4 
Depth (ft.) 71 71.4 74.5 
Initial Water Content (%) 7.8 7.8 7.7 
Total Unit Weight (pcf) 143.2 141.5 147.1 
Undrained Compressive Strength (ksf) 81.6 72 - 
Young’s Modulus (ksf) 2372.2 2021 - 
Recovery (%) 98 98 95 
Rock Quality Designation (%)  83 83 70 















Specimen Identification  SV-03-75.3 SV-03-76 SV-03-77.2 
Borehole Number 03C 03C 03C 
Core Run Number 4 4 4 
Depth (ft.) 75.3 76.0 77.2 
Initial Water Content (%) 7.5 6.0 7.1 
Total Unit Weight (pcf) 147.1 144.7 142.2 
Undrained Compressive Strength (ksf) 104 101.8 116.2 
Young’s Modulus (ksf) 2462.3 2682.8 3108.5 
Recovery (%) 95 95 95 
Rock Quality Designation (%)  70 70 70 


















APPENDIX D FIELD EXPLORATION AT TR 325 OVER THE ELM 
CREEK 
D.1 BACKGROUND 
Figure D.1 shows location of TR 325 over the Elm creek, located in Clay County, just North 
the city of Flora, Illinois. This single span bridge structure carries a two-lane highway over 


















Figure D.1 Location of TR 325 over the Elm creek. 
Two borings were advanced near south abutment on 16 September 2014 by District 7 drilling 
crew. These borings were drilled to an elevation of 441.0 feet. 
The first boring was used to obtain shale core samples. Initially rock cores were used for 
determination of recovery ratio, RQD of the rock mass, and vertical spacing of joints. 
Afterwards unconfined compression tests were conducted on the retrieved weak shales 
specimens. The in situ water content of the shale specimens used in the unconfined 
compression tests was also measured for correlation purposes. The unconfined compression 
test results were also used to determine the deformability characteristics of shale under 
undrained loading conditions.  
The second boring was used to obtain MSPT blow counts at various depths. These data were 
used to improve/check the correlation between undrained compressive strength of weak shale 
TR325 over the Elm 
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in Illinois and MSPT penetration rates developed in Phase of this study. The following 
sections discuss geology of the bridge site, MSPT test results, and laboratory test results 
D.2 SITE GEOLOGY 
The geology at the bridge site consists of about 22 feet of weak silty clay and clay till, 
overlying sedimentary bedrock, e.g., shale, and sandstone. The ground surface elevation at 
the two borings, is about 481.0 feet. A fairly continuous layer of thinly bedded clay shale was 
exposed at an elevation of 459 feet and extended to elevation of 441 feet where coring was 
terminated. Laboratory test results are summarized in Table D.1. 
D.3 MODIFED STANDARD PENETRATION TEST RESULTS 
Figure D.2 shows the Modified Standard Penetration Test results obtained in one of the 
borings at TR 325 over the Elm creek. 
 
 
Figure D.2 Modified Standard Penetration Test results 
 
239 
D.4 LABORATORY TEST RESULTS 
D.4.1 Moisture Content and Total Unit Weight 
Figure D.3 shows the total unit weight profile at the TR 325 over the Elm creek site. The 
total unit weight of the encountered shales was computed in accordance with ASTM D7263. 
Shale specimens from unconfined compressive tests were used for determination of in situ 
water content. The resulting water content profile is shown in Figure D.4. Water content of 
the Shales was determined in accordance with ASTM D2216. 
 
 
Figure D.3 Total unit weight profile.  
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Figure D.4 In situ moisture content profile. 
D.4.2 Triaxial Compression Test Results 
Unconfined triaxial compression tests were performed in accordance with ASTM D7012–14 
(method D). The peak deviator stress was used to calculate the undrained compressive 
strength for each test. The resulting undrained compressive strengths are shown in Table D.1. 
D.4.3 Young’s Modulus of Shale Specimen 
Young’s modulus  as measured from results of triaxial tests in accordance to ASTM 
D7012–14 (method D). In short, the modulus was calculated from the slope of the stress-
strain relationships that correspond to 50% of mobilized undrained compressive strength. 
Figure D.  sho s the relationship bet een Young’s modulus and undrained compressive 
strength for the shales core tested from the TR325 over the Elm creek site. This data was also 
used to develop a relationship bet een Young’s modulus and natural  ater content (see 





Figure D.5 Relationship between undrained compressive  
strength and Young’s modulus. 
 
Figure D.6 Relationship between in situ moisture  
content and Young’s modulus. 
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Table D.1 Laboratory Data Summary at the TR 325 over the Elm creek 
Specimen Identification  EC-S1 EC -S2 EC -S3 
Core Run Number 1 1 2 
Depth (ft.) 22.5 25.5 31.5 
Initial Water Content (%) 11.93 8.15 7.94 
Total Unit Weight (pcf) 141.5 131.1 135.0 
Undrained Compressive Strength (ksf) 4.35 18.9 137.7 
Strain at Peak Strength (%) 4.84 3.35 7.94 
Young’s Modulus (ksf) 226.6 784.5 1514.7 
Recovery (%) 68 87 100 
Rock Quality Designation (%)  35 40 61 
Joint Average Vertical Spacing (in)  1 to 2 1 to 2 1 to 2 














Specimen Identification  EC -S4   
Core Run Number 2   
Depth (ft.) 32.0   
Initial Water Content (%) 6.59   
Total Unit Weight (pcf) 131.95   
Undrained Compressive Strength (ksf) 164.5   
Strain at Peak Strength (%) 4.6   
Young’s Modulus (ksf) 1898.8   
Recovery (%) 100   
Rock Quality Designation (%)  61   
Joint Average Vertical Spacing (in) 1 to 2   






APPENDIX E FIELD EXPLORATION AT TR 355 OVER THE 
SEMINARY CREEK 
E.1 BACKGROUND 
Figure E.1 shows location of TR  355 over the Seminary creek, located in Clay County, just 
South the city of Flora, Illinois. This single span bridge structure carries a two-lane highway 































Figure E.2 Location of boring holes at TR 355 over the Seminary creek. 
 
 
Location of borings 
near west abutment 
TR355 over the 
Seminary creek 
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Figure E.2 shows a plan view of TR 355 over the Seminary creek bridge and the location of 
borings drilled on September,15 2014 by District 7 drilling crew and the UIUC research 
team. Two borings were advanced near west abutment. These borings were drilled to an 
elevation of 432.0 feet. 
The first boring was used to obtain shale core samples. Initially rock cores were used for 
determination of recovery ratio, RQD of the rock mass, and vertical spacing of joints. 
Afterwards unconfined compression tests were conducted on the retrieved weak shales 
specimens. The in situ water content of the shale specimens used in the unconfined 
compression tests was also measured for correlation purposes. The unconfined compression 
test results were also used to determine the deformability characteristics of shale under 
undrained loading conditions.  
The second boring was used to obtain MSPT blow counts at various depths. These data were 
used to improve/check the correlation between undrained compressive strength of weak shale 
in Illinois and MSPT penetration rates developed in Phase 1 of this study. The following 
sections discuss geology of the bridge site, MSPT test results, and laboratory test results 
E.2 SITE GEOLOGY 
The geology at the bridge site consists of about 10 feet of weak silty clay loam, overlying 
sedimentary bedrock, e.g., shale, and sandstone. The ground surface elevation at the two 
borings, is about 457.0 feet. A fairly continuous layer of thinly bedded sandy clay shale was 
exposed at an elevation of 447 feet and extended to elevation of 434 feet. A sandstone layer 
underlies this layer. Coring was terminated at elevation of 432.0 feet, i.e., 2.0 feet into the 
sandstone. Laboratory test results are summarized in Table E.1. 
E.3 MODIFED STANDARD PENETRATION TEST RESULTS 
Figure E.3 shows the Modified Standard Penetration Test results obtained in one of the 
borings at TR 355 over the Seminary creek. 
E.4 LABORATORY TEST RESULTS 
E.4.1 Moisture Content and Total Unit Weight 
Figure E.5 shows the total unit weight profile at the TR 355 over the Seminary creek site. 
The total unit weight of the encountered shales was computed in accordance with ASTM 
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D7263. Shale specimens from unconfined compressive tests were used for determination of 
in situ water content. The resulting water content profile is shown in Figure E.6. Water 
content of the Shales was determined in accordance with ASTM D2216. 
 
 
Figure E.3 Modified Standard Penetration Test results. 
 
 
Figure E.4 Total unit weight profile.  
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Figure E.5 In situ moisture content profile. 
E.4.2 Triaxial Compression Test Results 
Unconfined triaxial compression tests were performed in accordance with ASTM D7012–14 
(method D). The peak deviator stress was used to calculate the undrained compressive 
strength for each test. The resulting undrained compressive strengths are shown in Table E.1. 
E.4.3 Young’s Modulus of Shale Specimen 
Young’s modulus  as measured from results of triaxial tests in accordance to ASTM 
D7012–14 (method D). In short, the modulus was calculated from the slope of the stress-
strain relationships that correspond to 50% of mobilized undrained compressive strength. 
Figure E.7 sho s the relationship bet een Young’s modulus and undrained compressive 
strength for the shales core tested from the TR355 over the Seminary creek site. This data 
 as also used to develop a relationship bet een Young’s modulus and natural  ater content 





Figure E.6 Relationship between undrained compressive  
strength and Young’s modulus. 
 
 
Figure E.7 Relationship between in situ moisture  
content and Young’s modulus. 
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Table E.1 Laboratory Data Summary at the TR 355 over the Seminary creek 
Specimen Identification  TSC-S1 TSC -S2 TSC -S3 
Core Run Number 2 2 2 
Depth (ft.) 16.5 19.0 20.0 
Initial Water Content (%) 7.55 8.95 6.72 
Total Unit Weight (pcf) 142.5 144.3 148.2 
Undrained Compressive Strength (ksf) 34.1 31.7 95.7 
Strain at Peak Strength (%) 6.59 5.48 5.07 
Young’s Modulus (ksf) 2957.0 966.1 2148 
Recovery (%) 100 100 100 
Rock Quality Designation (%)  100 100 100 
Joint Average Vertical Spacing (in)  1 to 2 1 to 2 1 to 2 














Specimen Identification  TSC -S4   
Core Run Number 3   
Depth (ft.) 21.5   
Initial Water Content (%) 7.0   
Total Unit Weight (pcf) 147.5   
Undrained Compressive Strength (ksf) 103.95   
Strain at Peak Strength (%) 5.03   
Young’s Modulus (ksf) 1895.9   
Recovery (%) 100   
Rock Quality Designation (%)  98   
Joint Average Vertical Spacing (in) 1 to 2   






APPENDIX F FIELD EXPLORATION AT IL 23 OVER THE OTTER 
CREEK 
F.1 BACKGROUND 
Figure F.1 shows location of IL 23 over Otter Creek, located in LaSalle County, just north 
the city of Streator, Illinois. This three-span bridge structure carries a four-lane highway over 
the Otter Creek. North and South abutments of this bridge are supported on driven H-piles 
foundations. Piers 1 and 2, however, are supported by shallow foundations. The Mudstones 




Figure F.1 Location of IL 23 over Otter Creek. 
Figure F.2 shows a plan view of IL 23 over Otter Creek structure and the location of borings 
drilled on  October 28, 2014 by the District 3 drilling crew and the UIUC research team. Two 
borings were advanced on the frontage road (south the bridge). These borings were drilled to 
an elevation of 562.2 feet. One of the two borings was used to obtain core samples. Initially 
rock cores were used for determination of recovery ratio, RQD of the rock mass, and vertical 
spacing of joints. Afterwards unconfined compression tests were conducted on the retrieved 
mudstones specimens. 
 




Figure F.2 Location of boring holes at IL 23 over Otter Creek. 
The in situ water content of the specimens used in the unconfined compression test was also 
measured for correlation purposes. The unconfined compression test results were also used to 
determine the deformability characteristics of the weak rock under undrained loading 
conditions.  
The second boring was used to obtain MSPT blow counts at various depths. This data was 
used to check the applicability of the proposed correlation between undrained compressive 
strength in Illinois and MSPT penetration rate to mudstones. The following sections discuss 
geology of the bridge site, MSPT test results, and laboratory test results 
F.2 SITE GEOLOGY 
The geology at the bridge site consists of about 25 feet of weak overburden soils overlying 
sedimentary bedrock, e.g., mudstones and limestone. The ground surface elevation at south 
abutment, i.e., the two borings, is about 595.4 feet. Micaceous Mudstone was exposed at an 
elevation of 570.4 feet and extended till the end of the borehole. Laboratory test results are 
summarized in Table F.1. 
F.3 MODIFED STANDARD PENETRATION TEST RESULTS 
Figure F.3 shows the Modified Standard Penetration Test results obtained in one of the 
borings at IL 23 over the Otter Creek. 
 
Location of borings on the frontage 
Road  (south the bridge) 
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Figure F.3 Modified Standard Penetration Test results. 
F.4 LABORATORY TEST RESULTS 
F.4.1 Moisture Content and Total Unit Weight 
Figure F.4 shows the total unit weight profile at the IL23 over the Otter Creek site. The total 
unit weight of the encountered sedimentary rock was computed in accordance with ASTM 
D7263.  
Mudstone specimens from unconfined compressive tests were used for determination of in 
situ water content. The resulting water content profile is shown in Figure F.5. Water content 




Figure F.4 Total unit weight profile.  
 
 
Figure F.5 In situ moisture content profile. 
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F.4.2 Triaxial Compression Test Results 
Unconfined triaxial compression tests were performed in accordance with ASTM D7012–14 
(method D). The peak deviator stress was used to calculate the undrained compressive 
strength for each test. The resulting undrained compressive strengths are shown in Table F.1. 
F.4.3 Young’s Modulus of Mudstone Specimen 
Young’s modulus  as measured from results of triaxial tests in accordance to ASTM 
D7012–14 (method D). In short, the modulus was calculated from the slope of the stress-
strain relationships that correspond to 50% of mobilized undrained compressive strength. 
Figure F.6 sho s the relationship bet een Young’s modulus and undrained compressive 
strength for the mudstones core tested from the IL 23 over the Otter Creek site. This data was 
also used to develop a relationship bet een Young’s modulus and natural  ater content (see 




Figure F.6 Relationship between undrained compressive  




Figure F.7 Relationship between in situ moisture  
content and Young’s modulus. 
 
Table F.1 Laboratory Data Summary at the IL 23 over the Otter Creek 
Specimen Identification  OT-S1 OT-S2 OT-S3 
Core Run Number 1 1 1 
Depth (ft.) 26.3 27.1 30.3 
Initial Water Content (%) 7.0 4.0 5.2 
Total Unit Weight (pcf) 138 142 143.5 
Undrained Compressive Strength (ksf) 54.0 87.1 53.8 
Strain at Peak Strength (%) 1.93 1.79 2.54 
Young’s Modulus (ksf) 10353.8 15509.8 4244.6 
Recovery (%) 68 68 68 
Rock Quality Designation (%)  57 57 57 
Joint Average Vertical Spacing (in) 2 to 7 2 to 7 2 to 7 



















Table F.1 (continued)  
Specimen Identification  OT-S4 OT-S5  
Core Run Number 2 2  
Depth (ft.) 32.5 35.0  
Initial Water Content (%) 4.2 4.3  
Total Unit Weight (pcf) 147 144.8  
Undrained Compressive Strength (ksf) 72.9 76.9  
Strain at Peak Strength (%) 3.01 2.91  
Young’s Modulus (ksf) 4480.6 4948.6  
Recovery (%) 100 100  
Rock Quality Designation (%)  72 72  
Joint Average Vertical Spacing (in) 10 10  
Sample Description Gray Lime 
Mudstone 
with Traces 











APPENDIX G FIELD EXPLORATION AT IL 133 OVER THE 
EMBARRAS RIVER 
G.1 BACKGROUND 
Figure G.1 shows the proposed location of IL 133 over the Embarras River bridge site, 
located in Coles County, just west of Oakland, Illinois. This two-span bridge structure is 
designed to carry two-lane highway over the Embarras River. East and West abutments of 
this bridge are supported on driven H-piles foundations. The single pier is supported by 
drilled shaft foundations socketed into weak shales. In Phase 2 of this study, a test shaft was 
constructed near the pier to study the load transfer mechanism of drilled shafts socketed into 




Figure G.1: Location of IL 133 over the Embarras River bridge near city of Oakland.  
Figure G.2 shows a plan view of IL 133 over the Embarras River bridge structure and the 
location of the borings drilled on  May 21, 2015 and  July, 22 2015 by the District 7 drilling 
crew and the UIUC research team. Four borings were advanced near the test shaft. The 
borings extended about 9.0 ft below the test shaft base (i.e.  Elevation 564.1 ft). Two of the 
four borings drilled were used to obtain shale core. Initially rock cores were used for 
determination of recovery ratio, RQD of the rock mass, and vertical spacing of joints. 
Afterwards unconfined compression tests were conducted on the retrieved shale specimens. 
The in situ water content of the shale specimens used in the triaxial compression tests was 
IL 133 over Embarras 
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also measured for correlation purposes. Triaxial test results were also used to determine the 





Figure G.2: Location of boring holes at IL 133 over the Embarras River. 
The other two boring were used to obtain MSPT blow counts at various depths. This data 
was used to improve the proposed correlation between undrained compressive strength of 
weak shale in Illinois and MSPT penetration rate developed in Phase 1 of this study.  
The following sections discuss geology of the bridge site, MSPT test results, and laboratory 
test results. 
G.2 SITE GEOLOGY 
The geology at the bridge site consists of 11 feet of weak to stiff silty clay overlying 
sedimentary bedrock, e.g., shale and sandstone. The ground surface elevation at the test shaft 
is about 600.0 ft. Weathered gray clay shale was exposed at an elevation of about 589 feet 
and extend to elevation of 564.1 where the drilling was terminated. Laboratory test results are 
summarized in Table G.1. 
 
 
Location of borings near 
Test Shaft 
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G.3 MODIFIED STANDARD PENETRATION TEST RESULTS 
Figure G.3 shows the Modified Standard Penetration Test results obtained in two of the four 
borings at IL 133 over the Embarras River. 
 
 
Figure G.3 Modified Standard Penetration Test results. 
G.4 LABORATORY TEST RESULTS 
G.4.1 Moisture Content and Total Unit Weight 
Figure G.4 shows the total unit weight profile at the IL 133 over the Embarras River site. The 
total unit weight of shale was computed in accordance with ASTM D7263.  
Shale specimens from unconsolidated undrained and unconfined compressive tests were used 
for determination of in situ water content. The resulting water content profile is shown in 




Figure G.4 Total unit weight profile. 
 




G.4.2 Triaxial Compression Test Results 
Unconfined compression tests were performed in accordance with ASTM D7012–14 
(method D). The peak deviator stress was used to calculate the undrained compressive 
strength for each test. The resulting undrained compressive strengths are shown in Table G.1. 
G.4.3 Young’s Modulus of Shale Specimen 
Young’s modulus  as measured from results of triaxial tests in accordance to ASTM 
D7012–14 (method D). In short, the modulus was calculated from the slope of the stress-
strain relationships that correspond to 50% of mobilized undrained compressive strength. 
Figure G.6 sho s the relationship bet een Young’s modulus and undrained compressive 
strength for the shale core tested from the IL 133 over the Embarras River site. This data was 
also used to develop a relationship bet een Young’s modulus and shale natural  ater content 
(see Figure G.7). The unconfined compressive strength to the undrained Young’s modulus 
ratio shown in Figure G.6 agrees well with the general trends observed in Phase 1 & 2 of this 
study. The site-specific relationship bet een undrained Young’s modulus and the in situ 
water content is also shown in Figure G.7. Table G.1 summarizes all of the data obtained 
from the laboratory testing and evaluation. 
 
Figure G.6 Relationship between undrained compressive  
strength and Young’s modulus. 
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Figure G.7 Relationship between in situ moisture  
content and Young’s modulus. 
 
Table G.1 Laboratory Data Summary at the IL 133 over the Embarras River  
Specimen Identification  EB-B1-S1 EB-B1-S2 EB-B1-S3 
Core Run Number 1 1 2 
Depth (ft.) 12 14 18.5 
Initial Water Content (%) 11.45 8.08 8.26 
Total Unit Weight (pcf) 130 141.5 142 
Undrained Compressive Strength (ksf) 9.24 7.25 8.44 
Strain at Peak Strength (%) 4.07 3.38 2.19 
Young’s Modulus (ksf) 274.3 3331.0 590.26 
Recovery (%) 88.0 88.0 100 
Rock Quality Designation (%)  82.5 82.5 92 
Joint Average Vertical Spacing (in) 3-5 3-5 3-5 
Sample Description CLAY 
SHALE, 















Table G.1 (continued)  
Specimen Identification  EB-B1-S4 EB-B1-S5 EB-B1-S6 
Core Run Number 3 4 5 
Depth (ft.) 23.5 31.0 32.0 
Initial Water Content (%) 10.87 8.07 5.82 
Total Unit Weight (pcf) 135 138 143 
Undrained Compressive Strength (ksf) 3.9 18.5 15.5 
Strain at Peak Strength (%) 2.66 2.57 2.57 
Young’s Modulus (ksf) 382.25 7639.4 8357.0 
Recovery (%) 95 100 100 
Rock Quality Designation (%)  60 60 100 
Joint Average Vertical Spacing (in) 2 2 2 
















Specimen Identification  EB-B2-S1 EB-B2-S2 EB-B2-S3 
Core Run Number 1 1 2 
Depth (ft.) 14.5 17 23 
Initial Water Content (%) 9.28 9.25 11.11 
Total Unit Weight (pcf) 133 135 127 
Undrained Compressive Strength 
(ksf) 
59.7 17.15 22 
Strain at Peak Strength (%) 4.1 2.83 3.0 
Young’s Modulus (ksf) 1718.2 644.2 974.7 
Recovery (%) 85 85 85 
Rock Quality Designation (%)  85 85 60 
Joint Average Vertical Spacing (in) 2 to 5 2 to 5 2 
Sample Description CLAY SHALE, 














Table G.1 (continued)  
Specimen Identification  EB-B2-S4 EB-B2-S5 EB-B2-S6 
Core Run Number 3 3 3 
Depth (ft.) 24.5 26.5 27.5 
Initial Water Content (%) 9.07 - - 
Total Unit Weight (pcf) 133 - - 
Undrained Compressive Strength 
(ksf) 
49.1 9.9 8.1 
Strain at Peak Strength (%) 4.46 5.11 5.19 
Young’s Modulus (ksf) 1163.24 202.7 154.9 
Recovery (%) 95 95 95 
Rock Quality Designation (%)  50 50 50 
Joint Average Vertical Spacing (in) 0.5 to 1 0.5 to1 0.5 to1 














Specimen Identification  EB-B2-S7 EB-B2-S8 EB-B2-S9 
Core Run Number 4 4 5 
Depth (ft.) 29.5 33 37 
Initial Water Content (%) 8.7 10.1 7.9 
Total Unit Weight (pcf) 135 130 138 
Undrained Compressive Strength 
(ksf) 
6.5 23.5 42.3 
Strain at Peak Strength (%) 3.06 4.5 3.4 
Young’s Modulus (ksf) 869.3 772.0 2317.2 
Recovery (%) 100 100 100 
Rock Quality Designation (%)  60 60 60 
Joint Average Vertical Spacing (in) 2 to 5 2 to 5 2 to 8 














APPENDIX H FIELD EXPLORATION AT I-55 OVER THE   
   DES PLAINES RIVER 
H.1 BACKGROUND 
Figure H.1 shows location of I-55 over the Des Plaines River, located in Will County, just 
South the city of Channon, Illinois. This 7-span bridge structure carries a four-lane highway 
over the Des Plaines River. The abutments and the six piers of this bridge are supported 
shallow foundations resting on the shallow sedimentary rocks (i.e. shales, limestones). The 
weak shales near the Pier 2, was investigated during this study. 
  
Figure H.1 Location of I-55 over the Des Plaines River. 
Figure H.2 shows a plan view of I-55 over the Des Plaines River structure and the location of 
borings drilled on November 19, 2015 by Wang Engineering drilling crew and the UIUC 
research team. Two borings were advanced near south abutment. These borings were drilled 
to an elevation of 445.5 feet. 





Figure H.2 Location of boring holes at I-55 over the Des Plaines River. 
The first boring was used to obtain shale core samples. Initially rock cores were used for 
determination of recovery ratio, RQD of the rock mass, and vertical spacing of joints. 
Afterwards unconfined compression tests were conducted on the retrieved weak shales 
specimens.  The in situ water content of the shale specimens used in the unconfined 
compression tests was also measured for correlation purposes. The unconfined compression 
test results were also used to determine the deformability characteristics of shale under 
undrained loading conditions.  
The second boring was used to obtain MSPT blow counts at various depths. These data were 
used to improve/check the correlation between undrained compressive strength of weak shale 
in Illinois and MSPT penetration rates developed in Phase of this study. The following 
sections discuss geology of the bridge site, MSPT test results, and laboratory test results 
H.2 SITE GEOLOGY 
The geology at the bridge site consists of about 30 feet of very weak to stiff brown to gray 
clay overlying sedimentary bedrock, e.g., shale, and limestone. The ground surface elevation 
at the two borings, is about 510 feet. A fairly continuous layer of clay shale was exposed at 
an elevation of 480 feet and extended to elevation of 445.5 feet were the coring was 
terminated. Laboratory test results are summarized in Table H.1. 
H.3 MODIFED STANDARD PENETRATION TEST RESULTS 
Location of borings 
near south abutment 
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Figure H.3 and Figure H.4 show the Modified Standard Penetration Test results obtained in 
one of the borings at I-55 over the Des Plaines River. 
 
 
Figure H.3 Modified Standard Penetration Test results. 
 
 




H.4 LABORATORY TEST RESULTS 
H.4.1 Moisture Content and Total Unit Weight 
Figure H.5 shows the total unit weight profile at the I-55 over the Des Plaines River site. The 
total unit weight of the encountered shales was computed in accordance with ASTM D7263.  
Shale specimens from unconfined compressive tests were used for determination of in situ 
water content. The resulting water content profile is shown in Figure H.6. Water content of 
the Shales was determined in accordance with ASTM D2216. 
 
Figure H.5 Total unit weight profile.  
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Figure H.6 In situ moisture content profile. 
H.4.2 Triaxial Compression Test Results 
Unconfined triaxial compression and Undrained Triaxial tests were performed in accordance 
with ASTM D7012–14 (method D). The peak deviator stress was used to calculate the 
undrained compressive strength for each test. The resulting undrained compressive strengths 
are shown in Table H.1. 
H.4.3 Young’s Modulus of Mudstone Specimen 
Young’s modulus  as measured from results of triaxial tests in accordance to ASTM D70 
ASTM D7012–14 (method D)12. In short, the modulus was calculated from the slope of the 
stress-strain relationships that correspond to 50% of mobilized undrained compressive 
strength. Figure H.7 sho s the relationship bet een Young’s modulus and undrained 
compressive strength for the shales core tested from the I-55 over the Des Plaines River site. 
This data  as also used to develop a relationship bet een Young’s modulus and natural 
water content (see Figure H.8). The unconfined compressive strength to the undrained 
Young’s modulus ratio sho n in Figure H.6 agrees well with the general trends observed in 
Phase 1 & 2 of this study. The site-specific relationship bet een undrained Young’s modulus 
and the in situ water content is also shown in Figure H.7. Table H.1 summarizes all of the 




Figure H.7 Relationship between undrained compressive  
strength and Young’s modulus. 
 
  
Figure H.8 Relationship between in situ moisture  
content and Young’s modulus. 
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Table H.1 Laboratory Data Summary at the I-55 over the Des Plaines River 
Specimen Identification  DP-S1 DP-S2 DP-S3 
Core Run Number 1 1 2 
Depth (ft.) 32 33.5 34 
Initial Water Content (%) 12.56 8.8 11.06 
Total Unit Weight (pcf) 145.0 148.1 146.2 
Undrained Compressive Strength (ksf) 6.57 11.63 8.27 
Strain at Peak Strength (%) 5.35 4.3 3.71 
Young’s Modulus (ksf) 279.8 1354.9 230.9 
Recovery (%) 50 50 100 
Rock Quality Designation (%)  50 50 92 
Joint Average Vertical Spacing (in) 8 to 10 8 to 10 8 to 10 












Specimen Identification  DP-S4 DP-S5 DP-S6 
Core Run Number 2 2 2 
Depth (ft.) 40.5 42.0 43.0 
Initial Water Content (%) 6.45 7.13 7.09 
Total Unit Weight (pcf) 155.0 151.0 151.1 
Undrained Compressive Strength (ksf) 140.9 135.7 161.5 
Strain at Peak Strength (%) 2.61 2.48 2.57 
Young’s Modulus (ksf) 5425.25 5784.8 7285.4 
Recovery (%) 100 100 100 
Rock Quality Designation (%)  92 92 92 
Joint Average Vertical Spacing (in) 2 to 5 2 to 5 2 to 5 














Table H.1 (continued)  
Specimen Identification  DP-S7 DP-S8 DP-S9 
Core Run Number 2 2 2 
Depth (ft.) 43.2 44 45 
Initial Water Content (%) 5.66 6.29 6.22 
Total Unit Weight (pcf) 153.8 152.6 153 
Undrained Compressive Strength (ksf) 83.76 121.82 118.9 
Strain at Peak Strength (%) 2.72 2.48 1.94 
Young’s Modulus (ksf) 4613.85 5534.24 7860.7 
Recovery (%) 100 100 100 
Rock Quality Designation (%)  92 92 92 
Joint Average Vertical Spacing (in) 4 to 8 4 to 8 4 to 8 









Specimen Identification  DP-S10 DP-S11 DP-S12 
Core Run Number 2 2 2 
Depth (ft.) 47 47.5 48 
Initial Water Content (%) 7.04 4.67 6.33 
Total Unit Weight (pcf) 151.2 148 154 
Undrained Compressive Strength (ksf) 99.77 103.9 137.9 
Strain at Peak Strength (%) 2.66 2.31 2.13 
Young’s Modulus (ksf) 4062.6 4981.9 7291.9 
Recovery (%) 100 100 100 
Rock Quality Designation (%)  92 92 92 
Joint Average Vertical Spacing (in) 2 to 8 2 to 8 2 to 8 












Table H.1 (continued)  
Specimen Identification  DP-S13 DP-S14 DP-S15 
Core Run Number 2 3 3 
Depth (ft.) 49 50 51 
Initial Water Content (%) 6.6 4.77 6.52 
Total Unit Weight (pcf) 152 157.0 155.0 
Undrained Compressive Strength (ksf) 125.2 144.95 67.32 
Strain at Peak Strength (%) 2.71 1.81 2.89 
Young’s Modulus (ksf) 5827.4 11875.1 3514.9 
Recovery (%) 100 100 100 
Rock Quality Designation (%)  92 99 99 
Joint Average Vertical Spacing (in) 2 to 8 2 to 8 2 to 8 










Specimen Identification  DP-S16 DP-S17 DP-S18 
Core Run Number 3 3 3 
Depth (ft.) 51.5 52.0 52.5 
Initial Water Content (%) 5.74 6.78 8.2 
Total Unit Weight (pcf) 155.0 151.7 149.5 
Undrained Compressive Strength (ksf) 89.09 67.8 75.64 
Strain at Peak Strength (%) 3.06 2.32 3.0 
Young’s Modulus (ksf) 27515.0 18685.8 27275.88 
Recovery (%) 100 100 100 
Rock Quality Designation (%)  92 99 99 
Joint Average Vertical Spacing (in) 2 to 8 2 to 8 2 to 8 











Table H.1 (continued)  
Specimen Identification  DP-S19 DP-S20 DP-S21 
Core Run Number 3 3 3 
Depth (ft.) 53.2 54.0 54.8 
Initial Water Content (%) 7.53 7.69 5.75 
Total Unit Weight (pcf) 150.3 153.0 150.0 
Undrained Compressive Strength (ksf) 77.6 87.6 77.1 
Strain at Peak Strength (%) 2.96 2.81 2.49 
Young’s Modulus (ksf) 4181.63 3177.9 5716.5 
Recovery (%) 100 100 100 
Rock Quality Designation (%)  99.1 99.1 99.11 
Joint Average Vertical Spacing (in) 2 to 8 2 to 8 2 to 8 









Specimen Identification  DP-S22 DP-S23  
Core Run Number 3 3  
Depth (ft.) 55.2 56.3  
Initial Water Content (%) 4.92 3.75  
Total Unit Weight (pcf) 155.0 158.0  
Undrained Compressive Strength (ksf) 151.60 242.05  
Strain at Peak Strength (%) 2.96 2.81  
Young’s Modulus (ksf) 11964.45 16197.5  
Recovery (%) 100 100  
Rock Quality Designation (%)  99.1 99.1  
Joint Average Vertical Spacing (in) 8 to 15 8 to 15  








APPENDIX I FIELD EXPLORATION AT US 24 OVER LITTLE 
SISTER CREEK 
I.1 BACKGROUND 
Figure I.1 shows location of US 24 over the Little Sister creek, located in Fulton County, 
Illinois. East and West abutments of this bridge are supported on driven H-pile foundations 
that likely extends to the underlying weak sedimentary rocks. The weak shale located near 
the east abutment, was investigated during this study. 
Figure I.1 Location of US 24 over Little Sister Creek. 
  
Figure I.2 Location of boring holes at US 24 over the Little Sister Creek. 
US 24 over the Little 
Sister Creek 
Location of borings 
near east abutment 
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Figure I.2 shows a plan view of this US 24 bridge structure over the Little sister creek and 
the location of borings drilled on  March 1, 2016 and  March  2, 2016 by Bulldog 
Engineering and the UIUC research team. Two borings were advanced near the south east 
quad of the bridge at the east abutment and in close proximity to the Little Sister Creek. 
These borings were drilled to the elevation of 405 feet.  The first boring was used to obtain 
shale core samples. Initially rock cores were used for determination of recovery ratio, RQD 
of the rock mass, and vertical spacing of joints. Afterwards unconfined compression tests 
were conducted on the retrieved weak shales specimens. The in situ water content of the 
shale specimens used in the unconfined compression tests was also measured for correlation 
purposes. The unconfined compression test results were also used to determine the 
deformability characteristics of shale under undrained loading conditions.  
The second boring was used to obtain MSPT blow counts at various depths. These data were 
used to improve/check the correlation between undrained compressive strength of weak shale 
in Illinois and MSPT penetration rates developed in Phase of this study. The following 
sections discuss geology of the bridge site, MSPT test results, and laboratory test results 
I.2 SITE GEOLOGY 
The geology at the bridge site consists of about 18 feet of weak to medium stiff dark clay 
loam with traces of gravel overlying sedimentary bedrock, e.g., shale, and limestone. The 
ground surface elevation at the two borings, is about 453 feet. A fairly continuous layer of 
weak fissile clay shale was exposed at an elevation of 435 feet and extended to elevation of 
405 feet were the coring was terminated. Laboratory test results are summarized in Table I.1. 
I.3 MODIFIED STANDARD PENETRATION TEST RESULTS 
Figure I.3 shows the Modified Standard Penetration Test results obtained in one of the 
borings at US 24 over the Little Sister Creek. 
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Figure I.3 Modified Standard Penetration Test results. 
I.4 LABORATORY TEST RESULTS 
I.4.1 Moisture Content and Total Unit Weight 
Figure I.4 shows the total unit weight profile at the US 24 site. The total unit weight of shale 
was computed in accordance with ASTM D7263.  Shale specimens from unconsolidated 
undrained and unconfined compressive tests were used for determination of in situ water 
content. The resulting water content profile is shown in Figure I.5. Water content of the shale 
was determined in accordance with ASTM D2216. 
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Figure I.4 Total unit weight profile.  
 





I.4.2 Triaxial Compression Test Results 
Unconfined triaxial compression tests were performed in accordance with ASTM D7012–14 
(method D). The peak deviator stress was used to calculate the undrained compressive 
strength for each test. The resulting undrained compressive strengths are shown in Table I.1. 
I.4.3 Young’s Modulus of Shale Specimen 
Young’s modulus  as measured from results of triaxial tests in accordance to ASTM 
D7012–14 (method D). In short, the modulus was calculated from the slope of the stress-
strain relationships that correspond to 50% of mobilized undrained compressive strength. 
Figure I.6 sho s the relationship bet een Young’s modulus and undrained compressive 
strength for the shale cores tested from the Little sister creek site. This data was also used to 
develop a relationship bet een undrained Young’s modulus and shale natural  ater content 
(see Figure I.7). The unconfined compressive strength to the undrained Young’s modulus 
ratio shown in Figure I.6 agrees well with the general trends observed in Phase 1 & 2 of this 
study. The site-specific relationship bet een undrained Young’s modulus and the in situ 
water content is also shown in Figure I.7. The scatter shown in Figure I.7 is relatively high, 
as reflected by the low R-squared values. However, the correlation given in the same figure 
is in the acceptable range observed in this study   Table I.1 summarizes all of the data 
obtained from the laboratory testing and evaluation. 
 
  
Figure I.6 Relationship between undrained  




Figure I.7 Relationship between in situ moisture  
content and Young’s modulus. 
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Table I.1 Laboratory Data Summary at the US 24 Over the Little Sister Creek 
Specimen Identification  LS-S1 LS-S2 LS 24-S3 
Core Run Number 1 2 2 
Depth (ft.) 20.3 30.1 31.9 
Initial Water Content (%) 5.0 5.6 5.5 
Total Unit Weight (pcf) 148.0 154.3 157.3 
Undrained Compressive Strength (ksf) 20.5 37.3 43.2 
Strain at Peak Strength (%) 2.3 2.1 4.9 
Young’s Modulus (ksf) 1120 2057 2073 
Recovery (%) 91 100 100 
Rock Quality Designation (%) 50 80 80 
Joint Average Vertical Spacing (in) 2 8 8 










dark gray with 
traces of coal 
 
Specimen Identification  LS-S4 LS-S5 LS-S6 
Core Run Number 2 2 2 
Depth (ft.) 34 36.3 37 
Initial Water Content (%) 5.3 6.5 5.4 
Total Unit Weight (pcf) 155.8 153.3 155.1 
Undrained Compressive Strength (ksf) 70.1 248 158.5 
Strain at Peak Strength (%) 2.9 3.5 3.6 
Young’s Modulus (ksf) 5093.6 13142.5 12740 
Recovery (%) 100 100 100 
Rock Quality Designation (%)  80 80 80 
Joint Average Vertical Spacing (in) 10 12 12 












Table I.1 (continued)  
Specimen Identification  LS-S7 LS-S8 LS-S9 
Core Run Number 3 3 3 
Depth (ft.) 42.0 44.0 45.3 
Initial Water Content (%) 9.2 11 8.3 
Total Unit Weight (pcf) 141.8 146 155.1 
Undrained Compressive Strength 
(ksf) 
10.6 6.4 15.4 
Strain at Peak Strength (%) 2.8 2.1 3.0 
Young’s Modulus (ksf) 985.3 695.2 325.7 
Recovery (%) 100 100 100 
Rock Quality Designation (%)  80 80 80 
Joint Average Vertical Spacing (in) 4 4 4 












APPENDIX J FIELD EXPLORATION AT US 24 OVER BIG SISTER 
CREEK 
J.1 BACKGROUND 
Figure J.1 shows location of US 24 over the Big Sister creek, located in Fulton County, 
Illinois. East and West abutments of this bridge are supported on driven H-pile foundations 
that likely extends to the underlying weak sedimentary rocks. The weak shale located near 
the east abutment, was investigated during this study. 
Figure J.1 Location of US 24 over Big Sister Creek. 
 
  
Figure J.2 Location of boring holes at US 24 over the Big Sister Creek. 
US 24 over the Big 
Sister Creek 
Location of borings 
near east abutment 
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Figure J.2 shows a plan view of this US 24 bridge structure over the Big sister creek and the 
location of borings drilled on February 29, 2016 and  March 1, 2016 by Bulldog Engineering 
and the UIUC research team. Two borings were advanced near the north east quad of the 
bridge at the east abutment and in close proximity to the Big Sister Creek. These borings 
were drilled to the elevation of 413 feet.  The first boring was used to obtain shale core 
samples. Initially rock cores were used for determination of recovery ratio, RQD of the rock 
mass, and vertical spacing of joints. Afterwards unconfined compression tests were 
conducted on the retrieved weak shales specimens. The in situ water content of the shale 
specimens used in the unconfined compression tests was also measured for correlation 
purposes. The unconfined compression test results were also used to determine the 
deformability characteristics of shale under undrained loading conditions.  
The second boring was used to obtain MSPT blow counts at various depths. These data were 
used to improve/check the correlation between undrained compressive strength of weak shale 
in Illinois and MSPT penetration rates developed in Phase of this study. The following 
sections discuss geology of the bridge site, MSPT test results, and laboratory test results 
J.2 SITE GEOLOGY 
The geology at the bridge site consists of about 20 feet of very weak to stiff brown to gray 
clay with thin seams of silty loam overlying sedimentary bedrock, e.g., shale, and limestone. 
The ground surface elevation at the two borings, is about 454 feet. A fairly continuous layer 
of weak fissile clay shale was exposed at an elevation of 435 feet and extended to elevation 
of 405 feet were the coring was terminated. Laboratory test results are summarized in Table 
J.1. 
J.3 MODIFIED STANDARD PENETRATION TEST RESULTS 
Figure J.3 shows the Modified Standard Penetration Test results obtained in one of the 
borings at US 24 over the Big Sister Creek. 
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Figure J.3 Modified Standard Penetration Test results. 
 
J.4 LABORATORY TEST RESULTS 
J.4.1 Moisture Content and Total Unit Weight 
Figure J.4 shows the total unit weight profile at the US 24 site. The total unit weight of shale 
was computed in accordance with ASTM D7263.  
Shale specimens from unconsolidated undrained and unconfined compressive tests were used 
for determination of in situ water content. The resulting water content profile is shown in 




Figure J.4 Total unit weight profile.  
 





J.4.2 Triaxial Compression Test Results 
Unconfined triaxial compression tests were performed in accordance with ASTM D7012. 
The peak deviator stress was used to calculate the undrained compressive strength for each 
test. The resulting undrained compressive strengths are shown in Table J.1. 
J.4.3 Young’s Modulus of Shale Specimen 
Young’s modulus  as measured from results of triaxial tests in accordance to ASTM D701 . 
In short, the modulus was calculated from the slope of the stress-strain relationships that 
correspond to 50% of mobilized undrained compressive strength. Figure J.6 shows the 
relationship bet een Young’s modulus and undrained compressive strength for the shale 
cores tested from the Big sister creek site. This data was also used to develop a relationship 
bet een undrained Young’s modulus and shale natural  ater content (see Figure J.7). The 
unconfined compressive strength to the undrained Young’s modulus ratio sho n in Figure 
J.6 agrees well with the general trends observed in Phase 1 & 2 of this study. The site-
specific relationship bet een undrained Young’s modulus and the in situ  ater content is 
also shown in Figure J.7. The site specific correlation in Figure J.7 yields slightly lower 
values for undrained Young’s modulus for the range of the  ater contents measured in this 
site.  Table J.1 summarizes all of the data obtained from the laboratory testing and 
evaluation. 
 
Figure J.6 Relationship between undrained  




Figure J.7 Relationship between in situ moisture  
content and Young’s modulus. 
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Table J.1 Laboratory Data Summary at the US 24 Over the Big Sister Creek 
Specimen Identification  BS-S1 BS-S2 BS 24-S3 
Core Run Number 1 1 2 
Depth (ft.) 23.6 25.7 28.7 
Initial Water Content (%) 8.9 7.64 6.41 
Total Unit Weight (pcf) 155.1 154.6 153.3 
Undrained Compressive Strength (ksf) 4.86 26.64 102.2 
Strain at Peak Strength (%)    
Young’s Modulus (ksf) 311.73 906.2 2261.6 
Recovery (%) 91 91 100 
Rock Quality Designation (%) 50 50 80 
Joint Average Vertical Spacing (in) 2 2 7 









dark gray with 
traces of coal 
 
Specimen Identification  BS-S4 BS-S5 BS-S6 
Core Run Number 2 2 2 
Depth (ft.) 30.5 31.6 32.45 
Initial Water Content (%) 6 6.36 5.61 
Total Unit Weight (pcf) 155.5 153.3 155.1 
Undrained Compressive Strength (ksf) 73.96 77.4 71.28 
Strain at Peak Strength (%)    
Young’s Modulus (ksf) - 1737.2 - 
Recovery (%) 100 100 100 
Rock Quality Designation (%)  80 80 80 
Joint Average Vertical Spacing (in) 5 5 5 











dark gray with 




Table J.1 (continued)  
Specimen Identification  BS-S7 BS-S8 BS-S9 
Core Run Number 2 2 2 
Depth (ft.) 34.2 34.8 36.75 
Initial Water Content (%) 5.55 5.44 7.11 
Total Unit Weight (pcf) 157.4 156.6 148.5 
Undrained Compressive Strength 
(ksf) 
137.6 263.23 37.45 
Strain at Peak Strength (%)    
Young’s Modulus (ksf) 6756.8 6715 1469.6 
Recovery (%) 100 100 100 
Rock Quality Designation (%)  80 80 80 
Joint Average Vertical Spacing (in) 5 5  
Sample Description CLAY SHALE, 






dark gray with 
traces of coal 
290 
APPENDIX K FIELD EXPLORATION AT ELDAMAIN ROAD 
OVER THE FOX RIVER 
K.1 BACKGROUND 
Figure K.1 shows the proposed location of Eldamain road over the Fox River bridge site, 
located in Kendall County, just west of Yorkville, Illinois. This eight-span bridge structure is 
designed to carry two-lane highway over the Fox River. Pier 1 to 7 together with the north 
and south abutments are supported by H-piles that are embedded into the weak shales. The 
weak shales near Pier # 5 & 7 were investigated during this study. 
 
  
Figure K.1: Location of Eldamain Road over the Fox River near city of Yorkville. 
 
Figure K.2: Location of boring holes at Eldamain Road over the Fox River. 
Location of borings near P5 
& P7 
Eldamain Road over 
Fox River 
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Figure K.2 shows a plan view of Eldamain Road over the Fox River bridge structure and the 
location of the borings drilled on  January 21, 2016 and  January 22, 2016 by Geocon 
Engineering crew, McCleary Engineering and the UIUC research team. Four borings were 
advanced near Pier # 5 & 7 (i.e. 2 for each pier) on the north side of river. These borings 
were drilled to the elevation of 518 feet. 
One of the two borings drilled for each pier was used to obtain shale cores. Initially rock 
cores were used for determination of recovery ratio, RQD of the rock mass, and vertical 
spacing of joints. Afterwards unconfined compression tests were conducted on the retrieved 
shale specimens. The in situ water content of the shale specimens used in the triaxial 
compression tests was also measured for correlation purposes. Triaxial test results were also 
used to determine the deformability characteristics of shale under undrained loading 
conditions.  
The second boring was used to obtain MSPT blow counts at various depths. This data was 
used to develop a new correlation between undrained compressive strength of weak shale in 
Illinois and MSPT penetration rate.  
The following sections discuss geology of the bridge site, MSPT test results, and laboratory 
test results. 
K.2 SITE GEOLOGY 
The geology at the bridge site consists of 25 feet of weak to stiff black silty clay overlying 
sedimentary bedrock, e.g., shale and limestone. The ground surface elevation at Pier # 5 & 7, 
is about 566.7 and 572.5 feet respectively. Weathered gray to black clay shale was exposed at 
an elevation of about 548 feet. Limestone layer was exposed at elevation of 531.0 feet and 
extended to elevation of 523.5 feet where drilling was terminated. Laboratory test results are 
summarized in Table K.1. 
K.3 MODIFIED STANDARD PENETRATION TEST RESULTS 
Figure K.3 shows the Modified Standard Penetration Test results obtained in two of the four 




Figure K.3 Modified Standard Penetration Test results. 
 
K.4 LABORATORY TEST RESULTS 
K.4.1 Moisture Content and Total Unit Weight 
Figure K.4 shows the total unit weight profile at the Eldamain Road over the Fox River. site. 
The total unit weight of shale was computed in accordance with ASTM D7263.  
Shale specimens from unconsolidated undrained and unconfined compressive tests were used 
for determination of in situ water content. The resulting water content profile is shown in 




Figure K.4 Total unit weight profile. 
 






K.4.2 Triaxial Compression Test Results 
Unconfined compression tests were performed in accordance with ASTM D7012–14 
(method D). The peak deviator stress was used to calculate the undrained compressive 
strength for each test. The resulting undrained compressive strengths are shown in Table K.1. 
K.4.3 Young’s Modulus of Shale Specimen 
Young’s modulus  as measured from results of triaxial tests in accordance to ASTM 
D7012–14 (method D). In short, the modulus was calculated from the slope of the stress-
strain relationships that correspond to 50% of mobilized undrained compressive strength. 
Figure K.6 sho s the relationship bet een Young’s modulus and undrained compressive 
strength for the shale core tested from the Eldamain Road over the Fox River site. This data 
 as also used to develop a relationship bet een Young’s modulus and shale natural  ater 
content (see Figure K.7). The unconfined compressive strength to the undrained Young’s 
modulus ratio shown in Figure K.6 agrees well with the general trends observed in Phase 1 & 
2 of this study. The site-specific relationship bet een undrained Young’s modulus and the in 
situ water content is also shown in Figure K.7.Table K.1 summarizes of the data obtained 
from the laboratory testing and evaluation. 
 
 
Figure K.6 Relationship between undrained compressive  
strength and Young’s modulus. 
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Figure K.7 Relationship between in situ moisture  
content and Young’s modulus. 
Table K.1 Laboratory Data Summary at the Eldamain road over the Fox River 
Specimen Identification  FX-B1-S1 FX-B1-S2 FX-B1.-S3 
Core Run Number 1 1 1 
Depth (ft.) 25 26 31.5 
Initial Water Content (%) 7.41 6.52 6.57 
Total Unit Weight (pcf) 143.0 139.3 153 
Undrained Compressive Strength (ksf) 77.06 74.54 96.82 
Strain at Peak Strength (%) 3.21 2.42 2.28 
Young’s Modulus (ksf) 2542.34 2968.5 4270.80 
Recovery (%) 98 98 98 
Rock Quality Designation (%)  60 60 60 
Joint Average Vertical Spacing (in) 2-12 2-12 2-12 












Table K.1(continued)  
Specimen Identification  FX-B1-S4 FX-B1-S5 FX-B1.-S6 
Core Run Number 1 1 2 
Depth (ft.) 32.5 34.5 37.5 
Initial Water Content (%) 6.45 7.37 6.33 
Total Unit Weight (pcf) 152.3 151.0 146.1 
Undrained Compressive Strength (ksf) 145.36 83.2 158.5 
Strain at Peak Strength (%) 2.24 2.97 2.32 
Young’s Modulus (ksf) 5396.0 2946.6 7534.7 
Recovery (%) 98 98 92 
Rock Quality Designation (%)  60 60 75 
Joint Average Vertical Spacing (in) 2-12 2-12 2-12 











Specimen Identification  FX-B1-S7 FX-B2-S1 FX-B2.-S2 
Core Run Number 2 1 1 
Depth (ft.) 38.5 25 26.5 
Initial Water Content (%) 6.71 7.4 8.1 
Total Unit Weight (pcf) 150.2 153 149.3 
Undrained Compressive Strength 
(ksf) 
109.2 48.4 43.9 
Strain at Peak Strength (%) 2.65 2.2 3.48 
Young’s Modulus (ksf) 4099.4 2507.7 2270.3 
Recovery (%) 73.5 93 93 
Rock Quality Designation (%)  92 100 100 
Joint Average Vertical Spacing (in) 12 6-8  6-8 















Table K.1(continued)  
Specimen Identification  FX-B2-S3 FX-B2.-S4 FX-B2.-S5 
Core Run Number 1 1 1 
Depth (ft.) 27.4 28 29.5 
Initial Water Content (%) 8.25 7.11 7.65 
Total Unit Weight (pcf) 151 150.5 144.5 
Undrained Compressive Strength 
(ksf) 
37.84 66.15 86.8 
Strain at Peak Strength (%) 4.92 4.02 2.97 
Young’s Modulus (ksf) 1569.9 2954.1 2682.87 
Recovery (%) 93 93 93 
Rock Quality Designation (%)  100 100 100 
Joint Average Vertical Spacing (in) 2-12 2-12 2-12 













Specimen Identification  FX-B2-S6 FX-B2-S7 FX-B2.-S8 
Core Run Number 1 1 1 
Depth (ft.) 30 31.5 33.5 
Initial Water Content (%) 5.65 7.06 8.14 
Total Unit Weight (pcf) 140.3 144. 161 
Undrained Compressive Strength 
(ksf) 
121.2 69.0 39.3 
Strain at Peak Strength (%) 1.95 3.43 4.23 
Young’s Modulus (ksf) 8054.25 3987.25 1335.69 
Recovery (%) 93 93 93 
Rock Quality Designation (%)  100 100 100 
Joint Average Vertical Spacing (in) 8 8 8 
















Table K.1(continued)  
Specimen Identification  FX-B2-S9 FX-B2-S10 FX-B2.-S11 
Core Run Number 1 2 2 
Depth (ft.) 34.5 35 37 
Initial Water Content (%) 7.37 7.16 7.33 
Total Unit Weight (pcf) 149.5 152.9 152.3 
Undrained Compressive Strength 
(ksf) 
70.14 30.4 90.5 
Strain at Peak Strength (%) 2.75 3.97 4.97 
Young’s Modulus (ksf) 31275 305808 22502 
Recovery (%) 100 100 100 
Rock Quality Designation (%)  100 100 100 
Joint Average Vertical Spacing (in)    














Specimen Identification  FX-B2-S12   
Core Run Number 2   
Depth (ft.) 39   
Initial Water Content (%) 7.62   
Total Unit Weight (pcf) 152   
Undrained Compressive Strength 
(ksf) 
22   
Strain at Peak Strength (%) 5.97   
Young’s Modulus (ksf) 7494   
Recovery (%) 100   
Rock Quality Designation (%)  100   
Joint Average Vertical Spacing (in)    





APPENDIX L FIELD EXPLORATION AT US 150 OVER THE 
LITTLE VERMILLION RIVER 
L.1 BACKGROUND 
Figure L.1 shows location of US 150 over the Little Vermillion River, located in Vermillion 
County, just south Georgetown city, Illinois. This 2-span bridge structure carries a two-lane 
highway over the Vermillion River. The north and south abutments of this bridge are 
supported on driven H-piles while the pier is supported on drilled shaft foundations socketed 
into the underlying sedimentary rock. The weak shales near the south abutment, was 














Figure L.1 Location of US 150 over the Little Vermillion River.   
Figure L.2 Location of boring holes at US 150 over the Little Vermillion River. 
Location of borings 
near south abutment 




Figure L.2 shows a plan view of US150 over the Little Vermillion River structure and the 
location of borings drilled on  March, 24 2016 by Geocon drilling crew and the UIUC 
research team. Two borings were advanced near south abutment. These borings were drilled 
to an elevation of 587.0 feet. 
The first boring was used to obtain shale core samples. Initially rock cores were used for 
determination of recovery ratio, RQD of the rock mass, and vertical spacing of joints. 
Afterwards unconfined compression tests were conducted on the retrieved shale specimens. 
The in situ water content of the shale specimens used in the unconfined compression tests 
was also measured for correlation purposes. The unconfined compression test results were 
also used to determine the deformability characteristics of shale under undrained loading 
conditions.  
The second boring was used to obtain MSPT blow counts at various depths. These data were 
used to improve/check the correlation between undrained compressive strength of weak shale 
in Illinois and MSPT penetration rates developed in Phase 1 of this study. The following 
sections discuss geology of the bridge site, MSPT test results, and laboratory test results 
L.2 SITE GEOLOGY 
The geology at the bridge site consists of about 10.5 feet of brown/gray sandy clay loam 
overlying sedimentary bedrock, e.g., shale, and limestone. The ground surface elevation at 
the two borings, is about 622 feet. A fairly continuous layer of indurated clay shale was 
exposed at an elevation of 612.5 feet and extended to 587 feet were the coring was 
terminated. Laboratory test results are summarized in Table L.1. 
L.3 MODIFED STANDARD PENETRATION TEST RESULTS 
Figure L.3 shows the Modified Standard Penetration Test results obtained in one of the 





L.4 LABORATORY TEST RESULTS 
L.4.1 Moisture Content and Total Unit Weight 
Figure L.4 shows the total unit weight profile at the US150 over the Little Vermillion River 
site. The total unit weight of the encountered shales was computed in accordance with ASTM 
D7263.  
Shale specimens from unconfined compressive tests were used for determination of in situ 
water content. The resulting water content profile is shown in Figure L.5. Water content of 
the Shales was determined in accordance with ASTM D2216. 
L.4.2 Triaxial Compression Test Results 
Unconfined triaxial compression tests were performed in accordance with ASTM D7012–14 
(method D). The peak deviator stress was used to calculate the undrained compressive 
strength for each test. The resulting undrained compressive strengths are shown in Table L.1. 
L.4.3 Young’s Modulus of Mudstone Specimen 
Young’s modulus  as measured from results of triaxial tests in accordance ASTM D701 –
14 (method D). In short, the modulus was calculated from the slope of the stress-strain 
relationships that correspond to 50% of mobilized undrained compressive strengtL. Figure 
L.6 sho s the relationship bet een Young’s modulus and undrained compressive strength 
for the shales core tested from the US150 over the Little Vermillion River site. This data was 
also used to develop a relationship bet een Young’s modulus and natural  ater content (see 




Figure L.3 Modified Standard Penetration Test results. 
303 
 
Figure L.4 Total unit weight profile.  
 






Figure L.6 Relationship between undrained compressive  
strength and Young’s modulus. 
 
Figure L.7 Relationship between in situ moisture  
content and Young’s modulus. 
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Table L.1 Laboratory Data Summary at the US 150 over the Little Vermillion River 
Specimen Identification  LV-S1 LV -S2 LV -S3 
Core Run Number 1 1 1 
Depth (ft.) 10.5 12.5 13.1 
Initial Water Content (%) 5.03 5.63 5.53 
Total Unit Weight (pcf) 152 155.3 153.5 
Undrained Compressive Strength (ksf) 187.8 145.1 110.7 
Strain at Peak Strength (%) 4.38 5.85 5.48 
Young’s Modulus (ksf) 936.1 453.2 499.3 
Recovery (%) 80 80 80 
Rock Quality Designation (%)  65 65 65 
Joint Average Vertical Spacing (in) 10 10 10 











Specimen Identification  LV-S4 LV-S5  
Core Run Number 2 2  
Depth (ft.) 23.5 29.7  
Initial Water Content (%) 5.33 6.48  
Total Unit Weight (pcf) 153.4 154.5  
Undrained Compressive Strength (ksf) 195.4 223.0  
Strain at Peak Strength (%) 4.17 4.81  
Young’s Modulus (ksf) 1019.3 884.8  
Recovery (%) 84 84  
Rock Quality Designation (%)  79 79  
Joint Average Vertical Spacing (in) 10 10  











APPENDIX M FIELD EXPLORATION AT BL 55 OVER THE SALT 
CREEK 
M.1 BACKGROUND 
Figure M.1 shows location of BL 55 over Salt Creek, located in Logan County, just south of 
city of Lincolin, Illinois. This Five span bridge structure carries a four-lane highway over the 
Salt Creek. North and South abutments of this bridge are supported on driven H-piles 
foundations. Piers 1 to 4, however, are supported drilled shaft foundations that are socketed 
into weak shale. The weak shale near Pier 4, located near the south abutment, was 
investigated during this study. 
 
 
Figure M.1 Location of BL 55 over Salt Creek. 
  
Figure M.2 Location of boring holes at BL 55 over Salt Creek. 
Location of borings 
near south abutment 




Figure M.2 shows a plan view of BL55 over Salt Creek structure and the location of borings 
drilled on  June 1,  2016 by the District 6 drilling crew and the UIUC research team. Two 
borings were advanced near south abutment and in close proximity to the Salt Creek. These 
borings were drilled to an elevation of 591 feet (i.e. 30 ft of shale cores were retrieved). 
One of the two borings was used to obtain shale core samples. Initially rock cores were used 
for determination of recovery ratio, RQD of the rock mass, and vertical spacing of joints. 
Afterwards unconfined compression tests were conducted on the retrieved weak shales 
specimens. The in situ water content of the shale specimens used in the unconfined 
compression test was also measured for correlation purposes. The unconfined compression 
test results were also used to determine the deformability characteristics of shale under 
undrained loading conditions.  
The second boring was used to obtain MSPT blow counts at various depths. This data was 
used to develop a new correlation between undrained compressive strength of weak shale in 
Illinois and MSPT penetration rate. The following sections discuss geology of the bridge site, 
MSPT test results, and laboratory test results 
M.2 SITE GEOLOGY 
The geology at the bridge site consists of about 30 feet of dark gray silt clay overlying 
sedimentary bedrock, e.g., shale, and limestone. The ground surface elevation at south 
abutment, i.e., the two borings, is about 546 feet. Gray Clay shale was exposed at an 
elevation of 617.5 feet. Laboratory test results are summarized in Table M.1. 
M.3 MODIFED STANDARD PENETRATION TEST RESULTS 
Figure M.3 shows the Modified Standard Penetration Test results obtained in one of the 




Figure M.3 Modified Standard Penetration Test results. 
M.4 LABORATORY TEST RESULTS 
M.4.1 Moisture Content and Total Unit Weight 
Figure M.4 shows the total unit weight profile at the BL55 over the Salt Creek site. The total 
unit weight of shale was computed in accordance with ASTM D7263.  
Shale specimens from unconsolidated undrained and unconfined compressive tests were used 
for determination of in situ water content. The resulting water content profile is shown in 




Figure M.4 Total unit weight profile.  
 




M.4.2 Triaxial Compression Test Results 
Unconfined and confined triaxial compression tests were performed in accordance with 
ASTM D7012–14 (method D). The peak deviator stress was used to calculate the undrained 
compressive strength for each test. The resulting undrained compressive strengths are shown 
in Table M.1. 
M.4.3 Young’s Modulus of Shale Specimen 
Young’s modulus  as measured from results of triaxial tests in accordance to ASTM 
D7012–14 (method D). In short, the modulus was calculated from the slope of the stress-
strain relationships that correspond to 50% of mobilized undrained compressive strength. 
Figure M.6 sho s the relationship bet een Young’s modulus and undrained compressive 
strength for the shale core tested from the BL55 over the Salt Creek site. This data was also 
used to develop a relationship bet een Young’s modulus and shale natural  ater content (see 
Figure M.7). The unconfined compressive strength to the undrained Young’s modulus ratio 
shown in Figure M.6 agrees well with the general trends observed in Phase 1 & 2 of this 
study. The site-specific relationship bet een undrained Young’s modulus and the in situ 
water content is also shown in Figure M.7. Table M.1 summarizes all of the data obtained 




Figure M.6 Relationship between undrained compressive  
strength and Young’s modulus. 
 
Figure M.7 Relationship between in situ moisture  
content and Young’s modulus. 
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Table M.1 Laboratory Data Summary at the BL 55 over the Salt Creek site 
Specimen Identification  BL55-S1 BL55-S2 BL55-S3 
Core Run Number 1 2 2 
Depth (ft.) 35.5 38.5 39.3 
Initial Water Content (%) 9.78 9.66 9.02 
Total Unit Weight (pcf) 138.1 139.3 144.7 
Undrained Compressive Strength (ksf) 11.46 (UC) 26.63 (UC) 97.6 (UC) 
Strain at Peak Strength (%) 5.69 4.89 3.32 
Young’s Modulus (ksf) 314.66 892 4903 
Recovery (%) 100 100 100 
Rock Quality Designation (%)  76 70 70 
Joint Average Vertical Spacing (in) 2 4 12 
















Table M.1 (continued)  
Specimen Identification  BL55-S4 BL55-S5 BL55-S6 
Core Run Number 3 3 4 
Depth (ft.) 43.6 44.6 46.2 
Initial Water Content (%) 9.0 6.68 8.54 
Total Unit Weight (pcf) 144.7 151 146.1 
Undrained Compressive Strength (ksf) 134.2 107 228 
Strain at Peak Strength (%) 3.35 2.77 3.19 
Young’s Modulus (ksf) 4903 6602.25 6576.57 
Recovery (%) 100 100 100 
Rock Quality Designation (%)  98 98 94 
Joint Average Vertical Spacing (in) 12 12 12 












Specimen Identification  BL55-S7 BL55-S8 BL55-S9 
Core Run Number 4 4 5 
Depth (ft.) 47.7 49.3 50.3 
Initial Water Content (%) 8.61 9.01 7.47 
Total Unit Weight (pcf) 152.3 147.45 149.3 
Undrained Compressive Strength 
(ksf) 
211.29 142.21 129 
Strain at Peak Strength (%) 3.62 3.71 3.01 
Young’s Modulus (ksf) 9114.5 6408.07 5276.37 
Recovery (%) 100 100 100 
Rock Quality Designation (%)  94 94 98 
Joint Average Vertical Spacing (in) 8 8 8 













Table M.1 (continued)  
Specimen Identification  BL55-S10 BL55-S11  
Core Run Number 5 5  
Depth (ft.) 51.3 52.2  
Initial Water Content (%) 7.53 6.8  
Total Unit Weight (pcf) 151 150  
Undrained Compressive Strength 
(ksf) 
159.1 129.6  
Strain at Peak Strength (%) 3.06 3.26  
Young’s Modulus (ksf) 7297.35 4729.94  
Recovery (%) 100 100  
Rock Quality Designation (%)  98 98  
Joint Average Vertical Spacing (in) - -  









APPENDIX N FIELD EXPLORATION AT IL 108 OVER 
MACOUPIN CREEK 
N.1 BACKGROUND 
Figure N.1 shows location of the IL 108 over the Macoupin Creek, just east of the city of 
Carlinville, Illinois. East and west abutments of this bridge are supported on driven H-piles 
foundations. Piers 1, 2 and 3, however, are supported on drilled shaft foundations that are 





Figure N.1 Location of IL 108 over Macoupin Creek. 
Figure N.2 shows a plan view of this IL 108 bridge structure over Macoupin Creek and the 
location of borings drilled on July 13, 2016 by the District 6 drilling crew and the UIUC 
research team. Two borings were advanced near the south east quad of the bridge and in 
close proximity to Macoupin Creek. These borings were drilled to a depth of twenty feet 
below the top of the weak shale layer.  
 





Figure N.2 Location of boring holes for obtaining MSPT blow-counts and shale core 
samples. 
 
One of the two borings were used to obtain shale core samples. Initially rock cores were used 
for determination of recovery ratio, RQD of the rock mass, and vertical spacing of joints. 
Afterwards unconfined compression and triaxial compression tests were conducted on 
representative and comparable shale specimens to study effect of confining pressure on 
behavior of shale specimens subjected to compressive mode of shear. The in situ water 
content of the shale specimens used in the triaxial compression tests was also measured for 
correlation purposes. Triaxial test results were also used to determine the deformability 
characteristics of shale under undrained loading conditions.  
The second boring was used to obtain MSPT blow counts at various depths. This data was 
used to develop a new correlation between undrained compressive strength of weak shale in 
Illinois and MSPT penetration rate.  
The following sections discuss geology of the bridge site, MSPT test results, and laboratory 
test results. 
N.2 SITE GEOLOGY 
The geology at the bridge site consists of sandy clay loam overlying sedimentary bedrock, 
e.g., shale, and limestone. The ground surface elevation at the two borings is about 554.5 
feet. Overburden soil at this site consists of sandy loam and silty clay loam.  A relatively 
continuous black to gray blocky clay shale was exposed at an elevation of about 537.5 feet 
that extends to elevation 517.5 feet where the boring terminated.  




N.3 MODIFIED STANDARD PENETRATION TEST RESULTS 
Figure N.3 shows the Modified Standard Penetration Test results obtained in one of the 
borings at IL 108 over the Macoupin Creek. 
 
 
Figure N.3 Modified Standard Penetration Test results. 
 
N.4 LABORATORY TEST RESULTS 
N.4.1 Moisture Content and Total Unit Weight  
Figure N.4 shows the total unit weight profile at the Macoupin Creek site. The total unit 
weight of shale was computed in accordance with ASTM D7263.  
Shale specimens from unconfined compressive tests were used for determination of in situ 
water content. The resulting moisture content profile is shown in Figure N.5. Moisture 
content of the shale was determined in accordance with ASTM D2216. 
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Figure N.4 Total unit weight profile. 
 
 
Figure N.5 In situ water content profile. 
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N.4.2 Triaxial Compression Test Results 
Unconfined compression tests were performed in accordance with ASTM D7012–14 
(method D). The peak deviator stress was used to calculate the undrained compressive 
strength for each test. The resulting undrained compressive strengths are shown in Table N.1. 
N.4.3 Young’s Modulus of Shale Specimen 
Young’s modulus  as measured from results of triaxial tests in accordance to ASTM 
D7012–14 (method D). In short, the modulus was calculated from the slope of the stress-
strain relationships that correspond to 50% of mobilized undrained compressive strength. 
Figure N.6 sho s the relationship bet een Young’s modulus and undrained compressive 
strength for the shale cores tested from the Macoupin Creek site. This data was also used to 
develop a relationship between undrained Young’s modulus and shale natural  ater content 
(see Figure N.7). The unconfined compressive strength to the undrained Young’s modulus 
ratio shown in Figure N.6 agrees well with the general trends observed in Phase 1 & 2 of this 
study. The site-specific relationship bet een undrained Young’s modulus and the in situ 
water content is also shown in Figure N.7. Table N.1 summarizes all the data obtained from 
the laboratory testing and evaluation. 
 
 
Figure N.6 Relationship between undrained compressive  








Table N.1 Laboratory Data Summary at the IL 108 Over Macoupin Creek 
Specimen Identification  IL 108-S1 IL 108-S2 IL 108-S3 
Core Run Number 1 2 2 
Depth (ft.) 24.3 25.3 27.8 
Initial Water Content (%) 9.1 8.44 7.29 
Total Unit Weight (pcf) 142.3 128.0 143.3 
Undrained Compressive Strength (ksf) 69.2  8.1  55.0  
Strain at Peak Strength (%) 0.7 1.76 3.41 
Young’s Modulus (ksf) 2507 893.5 2601 
Recovery (%) 80 82 82 
Rock Quality Designation (%) 65 70 70 
Joint Average Vertical Spacing (in) 8 3 2 












Specimen Identification  IL 108-S4 IL 108-S5 IL 108-S6 
Core Run Number 2 2 3 
Depth (ft.) 28.3 29.7 30.8 
Initial Water Content (%) 7.82 8.29 7.65 
Total Unit Weight (pcf) 148.8 140.6 152.1 
Undrained Compressive Strength (ksf) 71.1  30.6  42.3  
Strain at Peak Strength (%) 3.85 2.8 3.8 
Young’s Modulus (ksf) 2890 1352.7 1426.8 
Recovery (%) 93 93 93 
Rock Quality Designation (%)  82 82 82 
Joint Average Vertical Spacing (in) 5 5 3 












Table N.1 (continued)  
Specimen Identification  IL 108-S7 IL 108-S8 
Core Run Number 3 4 
Depth (ft.) 31.3 39.95 
Initial Water Content (%) 8.21 5.4 
Total Unit Weight (pcf) 151.6 1 
Undrained Compressive Strength (ksf) 76.7  11.32  
Strain at Peak Strength (%) 4.6 5.6 
Young’s Modulus (ksf) 2600.4 298.86 
Recovery (%) 90 90 
Rock Quality Designation (%) 70 70 
Joint Average Vertical Spacing (in) 10 10 




APPENDIX O FIELD EXPLORATION AT CH-28 OVER THE 
HORSE CREEK “SOUTH OF PAWNEE BRIDGE” 
O.1  BACKGROUND 
Figure O.1 shows location of CH-28 over the Horse creek, located in Sangamon County, just 
South the city of Pawnee, Illinois. This 4-span bridge structure carries a two-lane highway 
over the Des Plaines River. The abutments and the 3 piers of this bridge are supported 
shallow foundations resting on the shallow sedimentary rocks (i.e. shales, limestones). The 















Figure O.2 Location of boring holes at CH-28 over the Horse creek. 
Location of borings 
near north abutment 




Figure O.2 shows a plan view of CH-28 over the Horse Creek River structure and the 
location of borings drilled on September 1, 2016 by District 6 drilling crew and the UIUC 
research team. Two borings were advanced near north abutment. These borings were drilled 
to an elevation of 545.0 feet. 
The first boring was used to obtain shale core samples. Initially rock cores were used for 
determination of recovery ratio, RQD of the rock mass, and vertical spacing of joints. 
Afterwards unconfined compression tests were conducted on the retrieved weak shales 
specimens. The in situ water content of the shale specimens used in the unconfined 
compression tests was also measured for correlation purposes. The unconfined compression 
test results were also used to determine the deformability characteristics of shale under 
undrained loading conditions.  
The second boring was used to obtain MSPT blow counts at various depths. These data were 
used to improve/check the correlation between undrained compressive strength of weak shale 
in Illinois and MSPT penetration rates developed in Phase 1 of this study. The following 
sections discuss geology of the bridge site, MSPT test results, and laboratory test results. 
O.2 SITE GEOLOGY 
The geology at the bridge site consists of about 21 feet of Medium Stiff, Dark Brown/Gray, 
Moist, Silty Clay, with traces of Gravel and Sand overlying sedimentary bedrock, e.g., shale, 
and limestone. The ground surface elevation at the two borings, is about 581 feet. A fairly 
continuous layer of clay shale was exposed at an elevation of 560 feet and extended to 545 
feet were the coring was terminated. Laboratory test results are summarized in Table O.1. 
O.3 MODIFED STANDARD PENETRATION TEST RESULTS 
Figure O.3 shows the Modified Standard Penetration Test results obtained in one of the 




Figure O.3 Modified Standard Penetration Test results. 
O.4 LABORATORY TEST RESULTS 
O.4.1 Moisture Content and Total Unit Weight 
Figure O.5 shows the total unit weight profile at the CH28 over the Horse creek site. The 
total unit weight of the encountered shales was computed in accordance with ASTM D7263.  
Shale specimens from unconfined compressive tests were used for determination of in situ 
water content. The resulting water content profile is shown in Figure O.6. Water content of 





Figure O.4 Total unit weight profile.  
 
Figure O.5 In situ moisture content profile. 
 
O.4.2 Triaxial Compression Test Results 
Unconfined triaxial compression and Undrained Triaxial tests were performed in accordance 
with ASTM D7012–14 (method D). The peak deviator stress was used to calculate the 
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undrained compressive strength for each test. The resulting undrained compressive strengths 
are shown in Table O.1. 
O.4.3 Young’s Modulus of Shale Specimen 
Young’s modulus  as measured from results of triaxial tests in accordance to ASTM 
D7012–14 (method D). In short, the modulus was calculated from the slope of the stress-
strain relationships that correspond to 50% of mobilized undrained compressive strength. 
Figure O.7 sho s the relationship bet een Young’s modulus and undrained compressive 
strength for the shales core tested from the CH28 over the Horse creek site. This data was 
also used to develop a relationship bet een Young’s modulus and natural  ater content (see 




Figure O.6 Relationship between undrained compressive  




Figure O.7 Relationship between in situ moisture  
content and Young’s modulus. 
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Table O.1 Laboratory Data Summary at the CH-28 over the Horse creek 
Specimen Identification  SP-S1 SP-S2 SP-S3 
Core Run Number 1 1 1 
Depth (ft.) 21.8 24.0 24.6 
Initial Water Content (%) 14 12 12 
Total Unit Weight (pcf) 133.3 142.6 136.7 
Undrained Compressive Strength (ksf) 23.9 28.3 45.5 
Strain at Peak Strength (%) 4.29 5.85 4.7 
Young’s Modulus (ksf) 708.4 829.8 - 
Recovery (%) 100 100 100 
Rock Quality Designation (%)  100 100 100 
Joint Average Vertical Spacing (in) 1 to 3 1 to 3 1 to 3 













Specimen Identification  SP-S4 SP-S5 SP-S6 
Core Run Number 1 2 3 
Depth (ft.) 25.7 28.3 31.55 
Initial Water Content (%) 13.5 10 8.5 
Total Unit Weight (pcf) 132.0 134.9 133.8 
Undrained Compressive Strength (ksf) 23.8 32.2 49.8 
Strain at Peak Strength (%) 5.3 3.92 3.04 
Young’s Modulus (ksf) 508.1 1019.7 1917.1 
Recovery (%) 100 68 76 
Rock Quality Designation (%)  100 68 76 
Joint Average Vertical Spacing (in) 2 to 7 2 to 7 2 to 7 







Specimen Identification  SP-S7   
Core Run Number 3   
Depth (ft.) 32.3   
Initial Water Content (%) 10   
Total Unit Weight (pcf) 135.8   
Undrained Compressive Strength (ksf) 17.28   
Strain at Peak Strength (%) 3.68   
Young’s Modulus (ksf) 655.4   
Recovery (%) 76   
Rock Quality Designation (%)  76   
Joint Average Vertical Spacing (in) 2 to 7   




APPENDIX P FIELD EXPLORATION AT IL 160 OVER THE 
SILVER CREEK 
P.1 BACKGROUND 
Figure P.1 shows location of IL160 over the Silver Creek, located in Madison County, just 
south Grantfork, Illinois. This 3-span bridge structure carries a two-lane highway over the 
Silver Creek. The north and south abutments of this bridge are supported on driven H-piles 
while the piers are supported on drilled shaft foundations socketed into the underlying 
sedimentary rock. The weak clay shales near the north abutment, was investigated during this 
study. 
 
Figure P.1 Location of IL160 over the Silver Creek. 
 
Figure P.2 Location of boring holes at IL160 over the Silver Creek. 
Location of borings 
near north abutment 
IL160 over the Silver 
Creek 
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Figure P.2 shows a plan view of IL160 over the Silver Creek structure and the location of 
borings drilled on March 3, 2017 by TSi Geotechnical drilling crew and the UIUC research 
team. Two borings were advanced near north abutment. These borings were drilled to an 
elevation of 487.0 feet. 
The first boring was used to obtain shale core samples. Initially rock cores were used for 
determination of recovery ratio, RQD of the rock mass, and vertical spacing of joints. 
Afterwards unconfined compression tests were conducted on the retrieved shale specimens. 
The in situ water content of the shale specimens used in the unconfined compression tests 
was also measured for correlation purposes. The unconfined compression test results were 
also used to determine the deformability characteristics of shale under undrained loading 
conditions.  
The second boring was used to obtain MSPT blow counts at various depths. These data were 
used to improve/check the correlation between undrained compressive strength of weak shale 
in Illinois and MSPT penetration rates developed in Phase 1 of this study. The following 
sections discuss geology of the bridge site, MSPT test results, and laboratory test results 
P.2 SITE GEOLOGY 
The geology at the bridge site consists of about 16 feet of brown/gray silty clay overlying 
sedimentary bedrock, e.g., limestone, and shale. The ground surface elevation at the two 
borings, is about 515 feet. A 2.5 feet thick gray indurated limestone layer was exposed at an 
elevation of 499 feet underlain by a fairly continuous layer of clay shale that extended to 
elevation of 487 feet were the coring was terminated. Laboratory test results are summarized 
in Table P.1. 
P.3 MODIFED STANDARD PENETRATION TEST RESULTS 
Figure P.3 shows the Modified Standard Penetration Test results obtained in one of the 
borings at IL160 over the Silver Creek. 
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Figure P.3 Modified Standard Penetration Test results. 
P.4 LABORATORY TEST RESULTS 
P.4.1 Moisture Content and Total Unit Weight 
Figure P.4 shows the total unit weight profile at the IL160 over the Silver Creek site. The 
total unit weight of the encountered shales was computed in accordance with ASTM D7263.  
Shale specimens from unconfined compressive tests were used for determination of in situ 
water content. The resulting water content profile is shown in Figure P.5. Water content of 




Figure P.4 Total unit weight profile.  
P.4.2 Triaxial Compression Test Results 
Unconfined triaxial compression tests were performed in accordance with ASTM D7012. 
The peak deviator stress was used to calculate the undrained compressive strength for each 
test. The resulting undrained compressive strengths are shown in Table P.1. 
P.4.3 Young’s Modulus of Shale Specimen 
Young’s modulus  as measured from results of triaxial tests in accordance to ASTM D701 . 
In short, the modulus was calculated from the slope of the stress-strain relationships that 
correspond to 50% of mobilized undrained compressive strength. Figure P.6 shows the 
relationship bet een Young’s modulus and undrained compressive strength for the shales 
core tested from the IL160 over Silver Creek site. This data was also used to develop a 
relationship bet een Young’s modulus and natural  ater content (see Figure P.7). Table P.1 




Figure P.5 In situ moisture content profile. 
 
 
Figure P.6 Relationship between undrained compressive  
strength and Young’s modulus. 
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Figure P.7 Relationship between in situ moisture  




Table P.1 Laboratory Data Summary at the IL 160 over Silver Creek 
Specimen Identification  SVC-S1 SVC -S2 SVC -S3 
Core Run Number 2 2 2 
Depth (ft.) 19 20.5 22.7 
Initial Water Content (%) 8.27 10.16 11.20 
Total Unit Weight (pcf) 141.5 131.1 135.1 
Undrained Compressive Strength (ksf) 44.9 9.5 5.1 
Strain at Peak Strength (%) 2.65 4.03 1.73 
Young’s Modulus (ksf) 1996.2 905 463.1 
Recovery (%) 90 90 90 
Rock Quality Designation (%)  55 55 55 
Joint Average Vertical Spacing (in) 2 to 5 2 to 5 2 to 5 
Sample Description Dark Gray 
Clay Shales.  
Dark Gray 
Clay Shales 




Specimen Identification  SVC -S4 SVC -S5 SVC -S6 
Core Run Number 2 3 3 
Depth (ft.) 23.2 24.1 24.8 
Initial Water Content (%) 12.4 8.6 8.45 
Total Unit Weight (pcf) 132.0 135.9 138.5 
Undrained Compressive Strength (ksf) 4.89 10.7 18.22 
Strain at Peak Strength (%) 1.8 3.1 2.2 
Young’s Modulus (ksf) 463.8 483.5 2314 
Recovery (%) 90 100 100 
Rock Quality Designation (%)  55 60 60 
Joint Average Vertical Spacing (in) 2 to 5 8 to 12 8 to 12 














APPENDIX Q MSPT PENETRATION RATES FROM ICT-R27-99-
FHWA-REPORT 
Q.1 BACKGROUND 
Preliminary MSPT penetration rates and the unconfined compression test results from 5 
Illinois Department of Transportation shale sites are summarized in table Q.1. Details of the 
subsurface profiles, geology, laboratory and site investigation data can be found in Stark et 
al. (2013). 
Table Q.1 Data from Modified Standard Penetration Tests conducted at 5 IDOT bridge 
sites 
Site Depth (m) Geomaterial 
Type 
Nrate (bpf) qu 
(kPa) 





9.8 Shale 153.7 303.1 
14.3 Shale 443 1498.6 
US 24 over Lamoine River 
 
11.0 Shale 693 3179.2 
12.5 Shale 712 2011.0 
14.2 Shale 589 1580.0 
FAI 80 over Aux Sable Creek 
 
7.6 Shale 461 1168.3 
9.0 Shale 689 2729.2 
 IL 5 over IL 84 
 
3.0 Shale 106.7 344.7 
3.7 Shale 53 421.3 
4.9 Shale 109.6 416.6 
6.1 Shale 267 560.2 
6.7 Shale 223 1747.6 
7.3 Shale 387 3591.0 
Illinois River Bridge 
Replacement (FAU 6265) 
 
3.2 Shale 176 622.4 
3.7 Shale 585 1809.9 
6.1 Shale 51 153.2 
6.7 Shale 133 153.2 
7.3 Shale 126 100.5 
9.8 Shale 986 3543.1 
 
